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Abstract 
A study of the deformation behavior of marine soil subjected to long term cyclic 
loading is presented in this thesis. The study includes both experimental data and 
analytical predictions. Constitutive relationships relevant to time-dependent defor-
mation behavior of marine cohesive soil under long term cyclic loading are derived 
based on a number of classic rheological models. The experimental method for 
determining the creep function is described. Long term cyclic loading tests were 
conducted on a load-controlled cyclic triaxial system. The theoretical predictions 
of the deformations are presented and compared to laboratory results. The poten-
tial applications of each rheological model to marine geotechnical engineering are 
discussed. 
This thesis also presents the results of an investigation performed to study the 
liquefaction potential or cyclic strength of four soils from the Beaufort Sea and one 
from Newfoundland. Results from the different soils are compared under different 
drainage conditions and overconsolidation ratios. The effects of cyclic stress ratio. 
dilatancy and mean particle size were also studied and are presented. The stress-
strain relationships of the soils are demonstrated and discussed. 
An understanding of the stability threshold and dynamic stiffness behavior of 
marine soils under cyclic loading is required in the dynamic analysis of offshore 
structures subjected to earthquake excitation or storm wave action. Therefore 
the third objective of this experimental investigation was to quantify the stability 
threshold and dynamic modulus for saturated Beaufort Sea soils under different 
over-consolidation ratios. The laboratory experiments were conducted on a load-
controlled cyclic triaxial system. 
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Nomenclature 
The symbols listed below and used m this thesis are defined when they first 
appear in the text. 
Af = pore pressure parameter at failure 
B = Skempton 's pore pressure coefficient 
I 
c = effective cohesion intercept 
Cc = coefficient of curvature 
Cc = compression index 
Cs =expansion index 
CSR = cyclic stress ratio 
Cu = uniformity coefficient 
Cv = coefficient of consolidation 
Dso = mean particle size 
Dr = relative density 
e0 = initial void ratio 
Ed = dynamic Young's modulus 
ER = elastic modulus during relaxation 
Gd = dynamic shear modulus 
G s = specific gravity of solids 
I ( t) = Heaviside step function 
/p = plastic index 
I<c = consolidation ratio 
K 0 = coefficient of earth pressure at rest 
N = number of cycles 
OCR = overconsolidation ratio 
I p = mean effective stress 
I 
q = deviatoric stress 
S(t) = deformation of the soil layer at a given time 
St = sensitivity 
Xl 
u = pore pressure ( = pore water pressure, uw , when saturated) 
1 = shear strain 
rr = reference shear strain 
/d = dry unit weight of soil 
/max =maximum dry unit weight 
/min = minimum dry unit weight 
€a = axial strain 
€c = peak-to-peak strain 
77 = coefficient of viscosity 
11 elastic modulus 
v Poisson 's ratio 
p = density of soil 
a 1 = axial stress or longitudinal stress 
a3 = confining stress or cell stress 
a c = consolidation stress 
ad = cyclic deviatoric stress 
I 
a P = preconsolidation pressure 
I 
a v = vertical effective stress 
Td = cyclic shear stress 
T c = relaxation time of displacement 
Tcr = relaxation time of loading 
¢ 1 = effective angle of internal friction 
w = water content 
WL = liquid limit 
Wn = natural water content or insitu water content 
wp = plastic limit 
Xll 
Chapter 1 
Introduction 
1.1 Background 
The main areas of concern in offshore geotechnical engineering are connected with 
the foundations of gravity platforms, pipelines, sediment instability, and piling. It 
has been reported that liquefaction is a potential problem for the artificial islands 
used for hydrocarbon exploration in the Beaufort Sea (Ladd et al., 1985). The 
majority of reported damage to offshore structures has occurred in the Gulf of 
Mexico, where storms have resulted in sediment slides and slumps. Even in the 
denser soils of the North Sea, dynamic loading could also be a problem. Eide et al. 
(1979) reported on observed platform behavior of sandy and clayey sediments in the 
North Sea over the period 1973-1978. During storms with maximum wave forces 
up to 45% of the design wave forces, pore-water pressure increases up to 20kPa 
were recorded. The author thus concluded that storm wave loading does generate 
excess pore water pressure in both sand and clay, degrades the clay structure, 
and decreases the stiffness and strength of the soil. Also the sequences resulting 
from dynamic loadings may induce liquefaction of sandy sediments or strength 
degradation and significant deformation of clayey deposits. This may influence the 
design parameters for displacement and stability of offshore platforms. 
Exploration and development of natural resources in the Arctic ocean have 
necessitated the construction of artificial drilling islands in the Alaskan and the 
Canadian Beaufort Sea. Safe and reliable data obtained from geotechnical inves-
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tigations have been of importance for structures usmg sand fills. Nerlerk is an 
important case history in this regard, because massive failures of the Nerlerk berm 
occurred during construction, resulting in cancellation of the project . The present 
thesis topic was therefore put forward. A number of marine soils from the Beaufort 
Sea and Lundrigan Silt from St. John's, Newfoundland, were investigated under 
the conditions of cyclic loading using a cyclic triaxial testing system. 
1.2 Objectives 
The objectives of this project were: 
( 1) to document the dynamic properties including cyclic deformation character-
istics , cyclic strength, stability threshold, and cyclic modulus of various types of 
Beaufort Sea soils and Lundrigan Silt under cyclic loading; 
(2) to develop the constitutive relationship of marine soils for deformation charac-
teristics under long term cyclic loading. 
1.3 Scope of Work 
The main focus of this research work is directed to the estimation of cyclic st rength 
and liquefaction potential of a number of different marine soils with various overcon-
solidation ratios and different drainage conditions. The effects of dilatancy, mean 
particle size and cyclic stress ratio were also studied. The stress-strain relationships 
of various types of soils under different states of relative density are demonstrated 
and discussed. 
This study also looked into the deformation characteristics and permanent defor-
mation o{ marine soils under long term cyclic wave loadings with different frequen-
cies and under different confining pressures. In addition, constitutive relationships 
relevant to time-dependent deformation behavior of ocean cohesive soils under long 
term wave loadings are derived based on a number of classic rheological models. 
The theoretical results of the deformation predictions are presented and compared 
with laboratory results. 
2 
The stability threshold and dynamic modulus for saturated Beaufort Sea soils 
were quantified under different overconsolidation ratios. The investigation also 
displayed the development of axial deformation, the changes of dynamic pore-water 
pressure, and the stress-strain relationship during testing. 
Eight types of Beaufort Sea soils and Lundrigan Silt were investigated in this 
study. Types of soil ranged from sand, silt, silty clay to clay. The primary experi-
mental setup is a load-controlled cyclic triaxial system. 
The method of normalization for dynamic characterization of the tested soils is 
adopted in most data reduction. 
3 
Chapter 2 
Review of Literature 
2.1 Cyclic Strength and Liquefaction Potential 
The effects of testing procedures and material characteristics on the cyclic triaxial 
strength of cohesionless soils are reviewed with the intent of categorizing the signif-
icance of these factors in relation to the author's experiments. The criteria of cyclic 
strength and liquefaction potential of soils are described in section 1 of chapter 6. 
From previous work, it is found that specimen preparation methods, differences 
between undisturbed and reconstituted specimens, density, and prestraining have 
major effects on cyclic strength. 
Apart from those factors, intermediate but significant effects influencing cyclic 
strength are confining stress, loading wave form, material grain size (Dso) and gra-
dation, overconsolidation ratio (OCR), consolidation stress ratio (Kc), and t esting 
equipment. Other factors having minor effects are loading frequency, specimen size, 
and friction on the caps and bases (Townsend and Mulilis, 1978). 
From the available literature, various factors influencing cyclic triaxial test re-
sults are summarized in this chapter. 
2.1.1 Factors Affecting Liquefaction Potential and Cyclic 
Strength of Cohesionless Soils 
Specimen Preparation 
Mulilis et al. (1978) present data reproduced here as Figure 2.1 which shows 
that specimens of Monterey No. 0 sand prepared to a relative density of 60% 
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Figure 2.1: Effect of Specimen Preparation Method (After Mulilis et al., 1978). 
by "moist tamping" are approximately 58% stronger than comparable specimens 
prepared by dry rodding. 
These results concerning specimen preparation effects on cyclic strength of sands 
obviously indicate a different structure (fabric) (Mitchell et al., 1976) or K 0 (coef-
ficient of earth pressure at rest) values or both. 
Effects of Freezing Intact Specimens 
Walberg (1977) examines freezing effects on cyclic strength of undisturbed and 
reconstituted sand specimens. His results indicate that freezing has practically no 
effect on cyclic strength, and hence becomes one method of preserving the fabric of 
clean sands during transportation and storage. The method of course is restricted 
to free-draining clean sands where pockets of water could not occur and form ice 
lenses during freezing. 
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Figure 2.2: Effect of Loading Wave Form on Cycles to Initial Liquefaction for 
Moist-Tamped Specimen (After Mulilis et al., 1978). 
Effects of Confining Stress ( 0'3 ) 
The data demonstrate that the cyclic stress ratio (i.e., f1;,) decreases with in-
creasing confining pressure and that the magnitude of this decrease is dependent 
upon relative density, soil type, and specimen preparation procedure (Ladd and 
Foott, 1974). Nevertheless, as pointed out by Lee and Focht (1975), for practical 
purposes within small ranges of pressure, cyclic strength is directly proportional to 
effective confining pressure. 
Effects of Loading Wave Form 
The results obtained by Mulilis et al. (1978) demonstrate that rectangular 
loading wave forms produce cyclic strengths lower than smooth sine wave loading, 
with degraded rectangular or triangular loading wave forms (Figure 2.2). 
Annaki and Lee (1976) observe that when converting from irregular to uniform 
cycles, extension peaks produce approximately 90% of the total damage, because 
6 
the undrained strength of sand is less in extension than in compression. Because of 
this asymmetric effect existing in triaxial tests, good agreement in converting from 
irregular to uniform extension cycles is obtained only when the damaging effects of 
compression and extension cycles are considered separately. 
Effects of Frequency on Cyclic Strength 
Many scholars have evaluated frequency effects over a range of 1 to 60 cpm 
(0.016667 to 1 Hz). Wang's experiments (1972) are over a range of 1 to 28 Hz, 
but the load wave form transforms from rectangular to rounded triangular at the 
higher frequencies. Lee and Fitton (1969) and Lee and Focht (1975) find that 
slower loading frequencies produce slightly ( < 10%) lower strengths. Wong et al. 
(1975) , Mulilis (1975) and Wang (1972) find that slower frequencies give slightly 
higher strengths (approximately 10%). Although this is conflicting, it can be safely 
concluded that frequency effects have only a minor ( < 10%) effect on cyclic strength 
of cohesionless soils . 
An interesting sidelight of Wang's work is the effect of confining medium on 
frequency effects due to a secondary resonant effect. This effect disappears when 
air is substituted for water as the confining medium. 
Effects of Specimen Size and Shape 
Wong et al. (1975) compares the effects of size on 70- and 300-mm diameter 
sand specimens with similar height-to-diameter ratios. Their results, Figure 2.3 , 
show that the 300-mm (12 in) diameter specimen is approximately 10% stronger 
than the 70-mm (2.8 in) diameter specimen. 
Wang (1972) compares the effects of height-to-diameter ratios of 1.0 to 2.3; how-
ever, these tests are conducted using full-friction stones. As might be anticipated, 
the specimens with a height-to-diameter ratio of 1.0 are approximately 20 to 50% 
stronger than the standard specimens. 
Effects of Frictionless Caps and Bases 
7 
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Figure 2.3: Effect of Specimen Size (After Wong et al., 1975). 
Mulilis (1975) and Wang (1972) both find that cyclic strength is insensitive to 
cap and base roughness no matter if the frequencies are higher or lower. 
Effects of Relative Density 
Seed and Idriss (1971) use a linear relationship to calibrate cyclic stress ratio 
up to 50% relative density, whereby 
(2.1) 
where ad is the cyclic deviatoric stress, a c is the consolidation stress, and Dr is the 
relative density. 
Mulilis (1975) also shows that cyclic stress ratio to cause liquefaction in 10 cy-
cles is linear with relative density to approximately Dr = 70%. Relative densities 
above 70% are required for safety against large strains. The data (Townsend and 
M ulilis, 1978) presented in Figure 2.4 show that the slope of this linear relationship 
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Figure 2.4: Cyclic Stress Ratio at the lOth Cycle for Initial Liquefaction vs Relative 
Density (After Townsend and Mulilis, 1978). 
is a function of confining pressure, cr~. Additional data (Ladd et al., 1977) indicate 
that this linear relationship is also a function of failure criteria. 
Effects of Particle Size and Gradation 
Wong et al. (1975) summarize the effects of particle size on cyclic strength , 
and show a 30-60% increase in cyclic strength to cause ±2.5% and ±10% strain , 
respectively, as the mean particle size, D 50 , increases from 0.1 to 30 mm. At 
the opposite end of the grain size distribution , as the mean grain diameter, D 50 , 
continues to decrease to silt and clay sizes , the cyclic strength rapidly increases. 
Hence, materials having a D 50 of approximately 0.1 mm possess the least resistance 
to cyclic stresses. 
Wong et al. (1975) also find as shown in Figure 2.5 that well-graded material 
is somewhat weaker than uniformly graded material. This finding is attributed to 
a greater densification tendency in well-graded soils. This densification tendency 
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Figure 2.5: Comparison of Cyclic Loading Strengths of Uniformly Graded and 
Well-Graded Soils (After Wong et al., 1975). 
could be reflected as a rise in pore pressure. 
Effects of Prestraining 
Seed et al. (1988) , evaluating the effects of reliquefaction in cyclic triaxial tests , 
find that once a specimen has liquefied and reconsolidated to a denser structure, 
despite this densification, the specimen is much more susceptible to liquefaction. 
Effects of OCR 
Seed and ldriss (1971), Lee and Focht (1975), and Ladd (1976) all present re-
sults obtained from sand specimens illustrating that as the OCR increases , the 
st ress ratio required to cause initial liquefaction increases. In addition this in-
crease in cyclic strength with OCR is a function of the fines content. These results 
are also confirmed by Ishihara et al. (1978) . 
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Effects of Consolidation Ratio, Kc 
The data from anisotropically consolidated tests show that, for a given confining 
pressure, the maximum deviatoric stress required to cause a critical strain for a 
specified number of cycles increases with the Kc ratio, where Kc = ~ (Lee and O'J 
Seed, 1966). 
Castro and Poulos (1977), however, point out the opposite effect, i.e., cyclic 
strength for a critical strain in a specified number of cycles, should decrease with 
increasing Kc, as at higher Kc ratios the specimen is initially closer to failure. Fur-
thermore, the data indicating that cyclic strength increases with Kc ratio suggest 
an unreasonable conclusion that steeper slopes are safer against earthquake load-
ings. The aforesaid phenomena could be explained by the concept of stress reversal 
(Lee and Seed, 1966). In anisotropically consolidated tests where no stress reversal 
occurs (i.e., ~ < Krl ), the axial stress is always the major principal. stress and 
initial liquefaction does not occur. Conversely, in comparable tests where stress 
reversal does occur (i.e., ~ > K,2- 1 ), initial liquefaction and associated strains are 
observed. From these considerations, it is obvious that, as the Kc ratio increases, 
so must increase the cyclic deviatoric stress, ad, and the maximum deviatoric stress 
in order to achieve stress reversal for a given ac. 
These results show that in some cases isotropic consolidation will provide con-
servative estimations of cyclic strength (e.g., when ~ < K,2- 1 ), while in other cases, 
anisotropic consolidation will provide a lower cyclic strength (e.g., ~ > K,2- 1 ). 
2.1.2 Factors Affecting Cyclic Characteristics of Cohesive 
Soils 
Earthquakes and ocean waves often induce severe undrained cyclic shear loading 
of deposits underlying offshore structures. Such repeated loading degrades the clay 
structure, changes the pore water pressure, and decreases the stiffness and strength 
of the soil. The influence of this cyclic degradation on the stability of the clay and 
supported structure is generally evaluated using laboratory tests, such as cyclic 
undrained triaxial and cyclic undrained direct simple shear. Investigations of the 
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behavior of seabed soils, under cyclic triaxial loadings have rarely been reported in 
the literature; and the present thesis is an attempt in this direction. 
Effects of Soil Fabric 
Lefebvre and LeBoeuf ( 1987) indicate in their studies that for structured clays 
(naturally overconsolidated), pore pressure generated at a given deviatoric stress 
is essentially independent of the strain rate, while the peak strength envelope is 
lowered as the strain rate is decreased. For destructured (i.e., normally consoli-
dated) clay, a lower strain rate results in an increase in pore pressure generation 
during shearing, due to the tendency of the clay skeleton to creep, while the peak 
strength envelope remains the same. Nevertheless, from a quantitative standpoint , 
the increase in shear strength caused by an increase in strain rate is similar for both 
structured and destructured clay, and it is linear for at least five log cycles of strain 
rate. 
Effects of Frequency 
Procter and Khaffaf ( 1984) present their data from cyclic triaxial tests on re-
moulded clays with load or displacement control. They suggest that only the mini-
mum cyclic stress ratio associated with the fully weakened state has a direct design 
relevance. The minimum cyclic stress ratio varies with frequency. The value of 
this limiting stress ratio is constant over the frequency range 1 ~0 Hz:::; f :::; iHz , 
and decreases for f > i Hz. If data from load controlled tests are re-analyzed to 
account for rate effects on shear strength, then a constant value independent of 
frequency is observed. 
Effects of Temperature 
Limiting data indicate that a 20°C increase in temperature can underestimate 
o-~, the preconsolidation pressure by 20 to 60% for some clays (Ladd et al., 1977). 
The results published by Ladd et al. (1985) show a 20% change, but the other two 
tests on low w (water content) silt samples show little effect. 
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Effects of Shear Stress Reversal 
Results obtained by Konrad (1985) show that unsymmetrical cyclic loading leads 
to compressive failure, in which the mode of failure is independent of the amount 
of shear stress reversal. Symmetrical cyclic loading leads to an extension failure 
characterized by large strains. The normalized cyclic deviatoric stress at failure for 
tests with I<c = 2 is 125% higher than that for tests with Kc = 1. 
Effects of Dilatancy 
The S-shaped effective stress paths for the normally consolidated (NC) spec-
I I I I 
imens shown in Figure 2.6 (where q' = 0' 1 ;u3 and p' = 0' 1 :u3 ) are unusual for 
cohesive soils, as they indicate significant dilation near failure. This behavior for 
cohesive Beaufort Sea soils has been mentioned in the literature (Wang et al. , 1982; 
Jefferies 1987, 1988). McCarron and Been (1990) have addressed this issue and 
noted that by consolidating specimens to pressure approximately three times the 
maximum previous consolidation pressure, this behavior typical of normally con-
solidated conditions is obtained (see the test T7 in Figure 2.6). 
Effects of Shearing Strain Amplitude and Soil Type 
The data (Stokoe et al., 1980) show that offshore silty samples degrade more 
at higher shearing strain amplitudes. This is consistent with data reported for 
fine-grained soils (Thiers and Seed, 1969; Idriss et al., 1978). In contrast, the data 
for more silty material (D50 equal to 0.041 mm versus D50 equal to 0.0075 mm for 
the specimens mentioned above), show that it stiffens with cyclic loading at strains 
above approximately 0.03%. 
Effects of Plasticity 
The general increase of normalized cyclic resistance with increasing plasticity is 
evident. It has been known since the inception of soil mechanics that clays are less 
susceptible to densification by vibration than sands. These results suggest a fair 
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Figure 2.6: Effect of Dilatancy (After McCarron and Been, 1990). 
correlation between cyclic resistance and plasticity index, but it seems likely that 
cyclic resistance depends on other factors in addition to the plasticity. 
Effects of Pre-cycling 
A series of monotonic, post-cyclic loading tests has shown that undrained shear 
strength remains essentially unchanged if the cyclic preloading is kept below the 
stability threshold (Lefebvre et al., 1989). This is because repeated cyclic loading 
below the threshold causes essentially no damage to the clay structure and leaves the 
original peak failure envelope unaltered. In addition, pre-cycling causes an apparent 
overconsolidation of a normally consolidated clay. The stress path followed by the 
specimen after pre-cycling in monotonic loading is similar to that occurring in a 
static test of an overconsolidated clay. 
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2.2 Stability Threshold and Cyclic Strength Degra-
dation 
2.2.1 Definition of the Stability Threshold 
The cyclic stability threshold is defined as the maximum cyclic deviatoric stress 
level at which the soil will not suffer failure regardless of the number of applied 
cycles. It is asymptotic to the cyclic strength curve when defined. In this study, 
the stability threshold has been assumed to lie between the lowest stress ratio for 
a test ended by failure and the highest stress ratio for stabilized test. A specimen 
is considered to be "stabilized" when both pore pressure and axial strain remain 
practically constant with additional loading cycles. 
Cyclic strength parameters presented in this study are normalized with the 
vertical consolidation pressure for normally consolidated specimens and with the 
apparent preconsolidation pressure for over-consolidated specimens. This is an 
extension to the normalization concepts presented by Ladd and Foott (1974). 
2.2.2 Degree of Strength Degradation 
Undrained cyclic shear loading of clay deposits is induced by earthquakes and ocean 
wave storms. Under such repeated loading, clay structure deteriorates, pore pres-
sure changes, and consequently the clay stiffness and strength degrade. The influ-
ence of cyclic degradation on the stability of clay deposits and supported structures 
is generally evaluated on the basis of undrained cyclic triaxial and undrained cyclic 
direct simple shear tests. 
Considering that many offshore and onshore clay deposits are overconsolidated 
rather than normally consolidated, the concept of cyclic degradation of clay stiff-
ness by ldriss et al. (1978) has been extended to include OC clays (Vucetic and 
Thilakaratne., 1987; Vucetic and Dobry, 1988). The analyses show that for OC 
clays the cyclic modulus degradation after N cycles can also be modeled by the 
degradation index, 8, the degradation parameter, t , using the following expression , 
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8 -
where 
N = the number of cycles of loading, 
Es = the secant Young's modulus from cyclic triaxial tests, and 
t = the slope of Iogb - log N curve 
(2.2) 
This expression is modified for use with shear modulus test results and is defined 
by: 
(2.3) 
where G1 and G N equal the secant shear moduli for the first full load cycle and the 
Nth load cycle, respectively, and t equals the slope of the 8 vs. load-cycle curve. 
2.3 Cyclic Stress-Strain Relationship 
The stress-strain relationship of soils under cyclic loading has two obvious features: 
nonlinearity and hysteresis effect. Many constitutive models have been developed 
during the recent past. They could reflect the features of soils from different regions. 
Of these models, the hyperbolic model, the visco-elastic model and the idealized 
elasto-plastic model are close to the actual stress-strain curves of soils. However, the 
hyperbolic model and the R-0 (Ramberg-Osgood) model are the most commonly-
used cyclic constitutive relationships in soil mechanics. 
2.3.1 Hyperbolic Model 
Based on experimental observations, Hardin and Drnevich (1972) proposed a gen-
eralized method according to which the variation of shear stress versus strain of 
all soils can be approximated by a hyperbolic relation (Hardin-Drnevich Model , 
abbreviated as H-D model) as (see the experimental data in Figure 2.7) 
T 
_1_ + _J_ 
Gma:z: Tma:z: 
(2.4) 
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Figure 2. 7: Nature of Variation of Dynamic Moduli with Strain (After Skotheim et 
al. , 1985). 
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where r is the shear stress, 1 is the shear strain, Gmax = ~, lr is the reference 
'"Yr 
strain , Tmax is the maximum shear stress at failure and can be obtained from Mohr 's 
circle. The relation for Tmax can be derived as 
1 I , I I I 2 1 I 2 1/2 
Tmax = {[2(1 + Ko)C7v stnc/> + c cos¢>] - [2(1 - Ko)C7J } (2.5 ) 
where C1 is cohesion, c/> 1 is the effective angle of friction of the soil , K 0 is the lateral 
earth pressure coefficient at rest and f7: is the vertical effective stress . Eq. (2.5) 
refers to in situ conditions. 
Knowing that G = r /1 and Gmax = Tmax/lr, Eq.(2.4) can be rewritten in the 
form 
G = Gmax 
1 + .2 
"Yr 
(2.6 ) 
At this point it needs to be mentioned that, the stress-strain relationship of soils 
is somewhat deviated from that given by Eq.(2.4). Therefore, Eq.(2.6) has to be 
modified slightly as 
G-
1 + lh 
(2.7) 
where hyperbolic strain 
(2.8) 
and a and b are constants for soils. 
Equation (2. 7) can now be used to determine the shear modulus of a soil at any 
given strain level. 
2.3.2 R-0 Model 
The R-0 model was first proposed by Sereeter et al. (1974). The expression of the 
model is as follows: 
1 _ _r_ (I + _a_(_r_)R-l] 
lr Tm ax CR-l Tmax 
(2.9) 
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or 
G 1 
G 1 + 0 (-'-)R-1 max CR-1 'Tmaz (2.10) 
where a, C and R are constants for soils, and Gmax, lr and Tmax are the same as 
in the H-D model. 
Based on test data, it is found that the R-0 model and the H-D hyperbolic 
model are basically the same if proper a, C and R values are selected. 
2.3.3 Normalized Behavior of Offshore Clay 
A procedure for cyclic characterization of normalized behavior of NC and OC clays 
has been presented and verified by Vucetic (1988). The results show that if a clay 
exhibits static normalized behavior with respect to the vertical consolidation stress 
a vc' it can be characterized along the lines of the SHANSEP method (Ladd and 
Foott, 1974; Ladd et al., 1977). It also exhibits similar cyclic normalized behavior. 
In this way, various aspects of the SHANSEP method for static characterization 
are extended to cyclic loading conditions. In particular, the method proposed can 
describe cyclically, with relatively fewer cyclic tests, a clay deposit where OCR is 
varying with depth. 
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Chapter 3 
Instrumentation for Cyclic 
Triaxial Measurements 
3.1 Historical Development of Cyclic Triaxial 
Systems 
Cyclic loading problems in the ocean environment arise from two primary sources: 
wave action and earthquakes. The physical and mechanical behavior of seafloor 
soils under such loading conditions has a major influence on the design of offshore 
structures. The stability of the natural seafloor and excavations is also affected by 
cyclic loads. 
Various systems for cyclic loading in geotechnical engineering have been devel-
oped (Klementev, 1983). The simple ones are mechanical, like that of Grainger and 
Lister (1962). The more sophisticated systems are electro-hydraulic, which enable 
programable closed-loop controlled loading, such as the system of Cullingford et al. 
(1972). Hydraulically operated triaxial apparatus can be easily adapted for cyclic 
loading by adding a hydrodynamic pulsator and by employing limiters to keep the 
maximum and minimum values of load unchanged. Such a cyclic triaxial system is 
shown in Figure 3.1. 
Figure 3.2 presents the layout of a triaxial system used at the Norwegian 
Geotechnical Institute (NGI) which is suitable for both static and cyclic loading 
tests. 
Computer-controlled triaxial systems now in use can automatically: 
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• consolidate specimens (isotropically, K 0 , or with specified consolidation stress 
ratios, Kc = ~'where a3 and a 1 are confining pressure and axial pressure), 
• shear specimens along specified stress paths in both compression and exten-
sion, either drained or undrained, 
• perform cyclic loading, 
• record data and use real-time data as feedback to control the test, and 
• reduce data and produce report-quality graphics. 
The most commonly performed cyclic tests are: ( 1) undrained cyclic loading tests, 
and (2) drained cyclic loading tests. Undrained cyclic tests are performed to record 
the deformation, pore pressure response and liquefaction potential of samples. 
Drained cyclic tests are performed to record the volume change of samples and 
to calculate cyclic modulus. 
The cyclic triaxial experimental setup used in this study and the data acquisition 
systems implemented by the Centre for Cold Ocean Resources Engineering (C-
CORE) at Memorial University will now be described in detail. 
3.2 Experimental Setup 
The main components of the cyclic triaxial systems are the triaxial cell, loading sys-
tem, control panel, and external measuring systems (cell pressure and pore pressure 
transducers, volume change transducer, a Linear Variable Differential Transducer 
(LVDT), and a mechanical or electrical load cell). Assembly of the experimental 
setup is shown in Figure 3.3. 
The triaxial testing setup was designed by C-CORE and manufactured in the 
university machine shop. It is similar to the one at the National Research Council 
in Ottawa. Some modifications were made by the author in order to achieve the 
objectives of this study. 
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3.2.1 Triaxial Cell 
A triaxial cell consists of four major components: 
• a base, which forms a pedestal on which a specimen rests and incorporates 
various pressure connections, 
• a removable cylinder and top plate, which encloses the specimen and enables 
fluid pressure to be applied, 
• a load shaft, which applies the axial cyclic stress to the specimen, and 
• an efficient connection between the specimen cap and the loading shaft, which 
will produce enough force (suction and friction) to support two-way loads , 
i.e., extension and compression forces resulting from cyclic loading. Beside 
the friction and suction type, the join between cap and loading shaft can be 
designed as magnetic type or mechanical type. 
The triaxial cell used in this study has the following features: 
• a cylindrical specimen of 35.6 rnm in diameter and 80 rnm long, 
• capability of applying compression as well as extension loading, 
• two ends drainage, 
• cell pressure (confining pressure) is applied by compressed air and transmitted 
by water, the confining medium, 
• the cell is designed to accept specimens of different sizes, where the base 
pedestal and specimen cap could be replaced correspondingly, and 
• the cell cannot be used for static strength tests. 
A picture of the triaxial cell and control panel is shown in Figure 3.4. The cylindrical 
acrylic chamber is 300 mm in outside diameter, 12.8 mm thick, and 450 mm long. 
0-rings were used for sealing the top plate and the base plate to the acrylic chamber. 
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The cell may be used for a maximum allowable internal pressure of 800 kPa. Three 
6 mm diameter stainless steel rods and tightening screws were used to join the top 
plate (with the loading shaft), the acrylic chamber and a stainless steel sealing ring. 
The other three 9 mm diameter rods with 3 round handles were used to fasten the 
aforesaid chamber to the base plate. 
3.2.2 Cyclic Loading System 
Cyclic loads, both compression and extension, are applied to specimens with a 
Bellofram piston actuated by an air pressure regulator that is, in turn, powered by 
an electric-to-pneumatic transducer. This loading piston resulted from a long-term 
development program that included some very precise machining so that low-level 
loads could be applied consistently without excessive or variable friction. Another 
Bellofram is placed at the junction of the loading shaft and the top plate to allow 
the loading shaft to move freely. The design finally adopted is capable of many 
millions of load applications without significant wear or change in friction. With 
this system, it is possible to maintain a full-amplitude load pattern even when the 
specimen fails and exhibits drastic reduction in stiffness. 
A function generator provides a variety of wave form loadings with different 
frequencies and amplitudes. A load cell is joined with the loading shaft to measure 
the actual load applied on the specimen. The loading system is shown in Figure 
3.5. 
An oil seal inlaid with a spring is embeded in a hole in the specimen cap. With 
the aid of the spring and the vacuum pressure forming inside the specimen cap, the 
oil seal can produce enough force to hold the loading shaft when it is moving away 
from the specimen. 
3.2.3 Back Pressure Saturation and Pore Pressure Mea-
surement Systems 
The back pressure system is used to improve the degree of saturation of the spec-
imens. The back pressure applied to specimens during saturation is provided by 
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Figure 3.4: Triaxial Cell and Control Panel. 
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Figure 3.5: Loading System. 
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compressed air through a de-aired water reservoir (as shown in Figure 3.6). The 
pressure can be accurately maintained for any desired period of time using air pres-
sure regulators that maintain the desired pressures regardless of minor fluctuations 
in the air pressure. 
The pore pressure measurement systems make use of the same line as the back 
pressure system. A pore pressure transducer is connected to the line to allow 
accurate measurement of pore-water pressure. All of the connecting lines on the 
pressure control systems are made of 6.35 mm (1/4 in) diameter high pressure 
plastic tubing. The pressure control system is also connected to the volume change 
device described in the next section. 
A quick connect system for line connections provides a great versatility in con-
ducting tests and also avoids trapping air bubbles in the line. 
3.2.4 Volume Change Measurement Device 
Automatic recording of displacements, loads and pressures in soil dynamics test-
ing is now common, and transducers are readily available for such measurements. 
However, the recording of volume changes still presents difficulties because of very 
small change on specimen void volume during tests. In view of this fact, the volume 
change measurement device was bought commercially. The sensitivity of the device 
is 0.01 cc. 
The device is shown schematically in Figure 3. 7, and consists of a hollow brass 
cylinder contained by two diaphragms on the top and bottom, attached to a 'float-
ing' frictionless piston. Water flowing into or out of the top chamber sealed by a 
Bellofram causes the piston to move and this movement is measured externally by 
means of a displacement transducer mounted on the outside of the cylinder. 
The two quick connects are mounted on the control panel and provide connec-
tions for the volume change measurement device. 
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Figure 3.6: Back Pressure Saturation and the Pore Pressure Measurement Systems. 
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3.2.5 Axial Deformation Measurement Setup 
Axial deformation in the specimen during the test is measured by means of a LVDT 
mounted on a clamp. The clamp is held by a rigid steel rod which is extended from 
one of three rods between the top plate and the base. The probe of the LVDT rests 
on the LVDT holder which is attached to the loading shaft. Such a device is shown 
in Figure 3.5. 
3.3 Data Acquisition and Control System 
3.3.1 Data Acquisition and Control System 
The data acquisition and control system used in this study is Keithley's Model 
575-2 as shown in Figure 3.8. This system is a high speed, high resolution data 
acquisition system for analogue input and output, digital I/0, and power control. 
The system is ideal for small-scale measurement and control tasks requiring high 
performance and expansion capability. 
This system has the following features: 
• high-performance instrumentation support for testing, 
• 16-bit (50,000 rdg/sec) A/D for high-speed and sensitive measurements, 
• fully software programmable, 
• true hardware trigger circuit for external analogue, or digital control of ana-
logue input 
• expansion slot for specialized signal conditioning or I/0 modules, 
• directly powered from PC, or from optional AC wall transformer or automo-
tive adapter, 
• interface for IBM PC/XT /AT /386, PSY2 25 & 30 and compatibles, and 
KDAC500/I software for interpreted BASIC, C, or other Microsoft and Bor-
land languages. 
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3.3.2 Software Used 
The data acquisition system was driven by a software interface. The program which 
was used for recording the signals from sensors , such as pressure transducers, LVDT , 
load cell, etc. is called S575 and was provided by the Fluid Lab of the Faculty 
of Engineering and Applied Science. This program is written in C, and has the 
following capacities: , 
• to conduct basic data acquisition, 
• to calibrate all channels, 
• to zero any number of channels, then complete data acquisition task, 
• to trigger a channel, starting the data acquisition when a predefined threshold 
is met , 
• to save data in binary format (ASCII is default), 
• to produce a signal used to drive a wave spectrum while data from input 
channels are simultaneously recorded, and 
• to display line graphs of each channel's results. 
In order to review the graphs of a file saved on a disk, another program called 
PLTKLY was used to display the graphs. Other programs such as SPECGEN and 
MATLAB on the Computer Aided Design Centre's network were used for data 
reduction. 
The flow chart of the data acquisition and processing routines is shown in Figure 
3.9. 
3.3.3 Signal Conditioning 
The experimental setup was installed in the soils laboratory at the Faculty of En-
gineering and Applied Science. At this site, noise can be a problem. Hence, DC 
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bridge amplifiers were used to increase the signal-to-noise ratio. Furthermore, filter-
ing was desired. A single-pole input filter was designed and placed in the incoming 
signal line for any analogue input (see Figure 3.10). 
The relative RC (Resistance and Capacitance) values will depend on a variety 
of factors , including the frequency of noise, required attenuation, and necessary 
response time. The RC values can be computed from the following formula: 
1 
!(3db > = 21r RC (3.1 ) 
where f is the frequency m Hz, C is the capacitance m Farads, and R is the 
resistance in Ohms. 
Note that there are hundreds of RC values that can be used in a given applica-
tion. To minimize the effects of the series resistance, however, it is recommended 
that the value of R be kept as low as possible. In the designed filter, Rand C were 
chosen as 1000 and 800J.LF respectively in order to cut off frequencies higher than 
2Hz. 
3.4 Calibration Procedures 
Every sensor used in the triaxial system needs to be individually calibrated. The 
calibration is carried out before testing by a PC-based software called S575/C. 
This program can be used for the calibration of linear variable transducers. The 
sampled-data feedback from the system forms a calibration line. The program saves 
offset and slope values to an initialization file for each sensor after collecting the 
data on predetermined sampling points. The program may calibrate all channels 
at one time. 
3.4.1 Calibration of Pressure Thansducers 
Pressure transducers including cell pressure transducer and pore pressure trans-
ducer are calibrated by a parallel calibration gauge. The load is applied in steps. 
The calibration program takes the reading on each step. 
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3.4.2 Calibration of LVDT 
LVDT for axial deformation is calibrated by a LVDT calibrator. The full scale 
range of the LVDT is 30 mm. 
3.4.3 Calibration of Volume Change Transducer 
This calibration can be carried out easily using the arrangement shown in the dia-
gram (see Figure 3.11). Before commencing calibration, the back pressure should 
be increased to the maximum operating value, and the volume change device oper-
ated over its full range a few times to ensure that the Bellofram seals are properly 
seated. If very precise calibration is required, it is necessary to use a small burette. 
A pump is used to empty or recharge the burette. 
3.4.4 Calibration of Load Cell 
The load cell can be accurately calibrated on a jack, and loaded in steps. The full 
scale range of the load cell is 680.4 kg (1500 lbs ). 
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Chapter 4 
Identification and Preparation of 
Investigated Soils and Test 
Procedures 
4.1 Types of Soils Tested 
4.1.1 Sands 
The Nerlerk sands used in this investigation were obtained by Gulf Canada Re-
sources Ltd. (GCR) during the summer of 1988. The samples were obtained near 
the northeast crest of the N erlerk Berm, a subsea berm designed to form part of 
an offshore, bottom-founded, hydrocarbon exploration platform at Nerlerk in the 
Canadian Beaufort Sea. Five liquefaction slides occurred during the construction 
of this hydraulically placed berm in 1983 (Sladen et al., 1985). Although limited 
information was available on the samples, the construction materials were probably 
obtained from the Nerlerk borrow pit. 
A small sample of the Nerlerk sands was subjected to detailed analysis of miner-
alogy by Gulf's Geological Services Laboratory. The sand grains are predominantly 
quartz (84%) with some Feldspar Plagioclase (13%) and minor amounts of Dolomite 
and Calcite. The grains are sub-angular to sub-rounded and have an appearance 
similar to Erksak sand (Golder Associates, 1989). 
Table 4.1 shows the physical properties of the Nerlerk sands from the different 
areas of the berm. 
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Figure 4.1: Grain Size Curves for Sands, Silts and Nerlerk Mud Tested. 
Nerlerk #1 Sand (Nerlerk #1) 
Nerlerk #1 was a light brown uniform medium sand with particles of sub-round 
shape. Sieve analysis was carried out according to ASTM D422 and the results are 
shown in Figure 4.1. Cu and Cc were 2 and 1.194 respectively. According to the 
Unified Soil Classification (USC) system, Nerlerk #1 is a poorly graded medium 
sand with little fines. The maximum and minimum unit weight /max and /min were 
17.50 and 14.90 kNfm3 • 
Nerlerk #2 Sand (Nerlerk #2) 
Nerlerk #2 was a medium brown, uniform sand. The grain size analysis curve 
is shown in figure 4.1. Cu and Cc were 2.22 and 1.42 respectively. According to 
the USC system, this material is a poorly graded sand with some fines. /max and 
/min were 17.50 and 14.20 kN/m3 . 
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Nerlerk Sand #3 (Nerlerk #3) 
This material was a dark brown uniform medium sand. The grain size analysis 
curve is shown in Figure 4.1. Cu and Cc were 1.82 and 1.06 respectively. According 
to the USC system, this material is a poorly graded sand with little fines. /max and 
/min were 16.90 and 13.90 kNjm3 • . 
From the classification test results given above, it can be observed that the 
grading curves and gradation indices are similar for all three Nerlerk sands. Testing 
will determine if they also have similar liquefaction characteristics. 
4.1.2 Silts 
Lundrigan Silt 
The Lundrigan Silt used in the study was obtained from a settling pond at a 
rock crushing plant in St.John's, Newfoundland. This soil had been air dried prior 
to the current testing program. Atterberg limits, grain size analysis, oedometer, 
direct shear box and CIU triaxial tests were carried out for classification and future 
studies. 
The soil was found to have a low Plasticity Index, with a Liquid Limit (wL) of 
31%, Plastic Limit (wp) 27%, and Plasticity Index (Ip) of 4. The soil is classified 
as ML, inorganic silt (see Figure 4.2). 
A hydrometer analysis was conducted to determine the particle size distribu-
tion. The soil grain size analysis curve is presented in Figure 4.1. The uniformity 
coefficient, Cu, and coefficient of curvature, Cc, were found to be 10 and 1.8 re-
spectively. According to the USC, this material is a well-graded silt with 21 %__cl.ay 
(see Figure 4.1 ). 
Oedometer tests were carried out on ~he silt in order to obta)'b the compression 
index, expansion index and creep indices required in Chapter 5.• The water content. 
w = 38% and I sat = 20kN jm3 were used. The same water content and ~a-me 
saturated unit weight ~ill be used in the long term cyclic deformation tests' in 
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Figure 4.2: Plasticity Chart. 
Chapter 5. The consolidation curve is shown in Figure 4.3. The major parameters 
determined from the curve are: 
Compression index: Cc=0.124, 
Expansion index: C.,=0.012, and 
Coefficient of consolidation when the vertical stress is lOOkPa: <;,=8.4 *10-7 m 2 / s. 
Because the soil was air dried and the samples used in the tests were remoulded, 
the consolidation parameters obtained from the oedometer test were only an estima-
tion. However, since the same test conditions were chosen in the other oedometer 
tests here and in the long term cyclic deformation tests in Chapter 5, the creep 
indices obtained from the oedometer tests were of significance (see Section 5.5 for 
details). 
The results of CIU triaxial tests are summarized below: 
Angle of internal friction: ¢>' = 29.5° and 
Cohesion intercept: c' ~ 0. 
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Figure 4.3: Oedometer Curve of Lundrigan Silt. 
Direct shear box tests were also carried out on the material. The results obtained 
from the shear box tests differed considerably from the triaxial tests, owing partially 
to the different stress paths, difficulties encountered in mounting of the samples and 
maintaining the gap between the halves of the shear box during testing. The results 
are summarized below: 
Cohesion intercept: c' = 2kPa and 
Angle of internal friction: ~' = 36°. 
A standard compaction test (Proctor tests) was performed on the Lundrigan 
Silt in order to obtain the moisture-unit weight relationship for a given compaction 
energy. The compaction rammer used in the tests was a 24.5 N rammer which was 
dropped 0.305 m. Approximately 3 kg of soil was compacted each time into a 944 
cm3 mold in three layers with 25 blows per layer. The compaction curve is shown in 
Figure 4.4. The optimum water content obtained from Figure 4.4 is approximately 
17.3%. 
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Figure 4.4: Compaction Curve. 
The main physical indices are summarized in Table 4.2. 
Marine Silt 
In the summer of 1990, the Geological Survey of Canada (GSC) conducted a 
field program to investigate the geology and geotechnical conditions of the Beaufort 
Sea Shelf and coastal areas in the vicinity of northern Richards Island to the east 
of the Mackenzie Delta. The location of the site was bounded by latitude N69°39' 
to N69°52' and longitude W134°03' to W134°29', and is shown in Figure 4.5. This 
material has been termed Unit B silt by the GSC and is described as follows (GSC, 
1990): 
Borehole 90BH03 - Unit B -silt- located at a depth of 1""' 14m-dark grey, with 
sand interbeded, moderate bioturbation, some graded beds. 
The samples were intact and obtained from various depths. A considerable 
effort was made to maintain the in-situ environment so the seafloor specimens were 
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Figure 4.5: Location for Marine Silt and Beaufort Sea Clay (After Moran et al. 
1989). 
stored in a humidity controlled room until tested. 
The major physical properties are described in Table 4.2. A hydrometer analysis 
was carried out to determine the grain size distribution shown in Figure 4.1. Cu 
and Cc were 21 and 3.86 respectively. According to the USC system, this material 
is a medium well-graded silt with 17% clay. According to the Plasticity Chart 
shown in Figure 4.2, the soil is classified as ML, inorganic silt. 
The natural water content of this marine silt was determined to range from 26 
to 31%. 
4.1.3 Clays 
Beaufort Sea Shelf Silty Clay (Shelf Silty Clay) 
Shelf Silty Clay was obtained from the same area as the Marine Silt described 
in the last section. This material has been described as follows (GSC, 1990): 
Borehole 90BH02 - Unit B - Silty Clay - located at a depth of 4""'5m-grey to 
black, moderately to extensively bioturbed. 
The natural water content was found to range from 32 to 39%. The liquid limit , 
WL is approximately 44%, the plastic limit, wp, is approximately 22%, and the 
plasticity index, lp, is 22. From Figure 4.2, this soil is classified as CL, inorganic 
silty clay of medium plasticity. 
According to the GSC Report (GSC, 1990), the preconsolidation pressure, 0"~, 
of this soil was approximately 220 kPa. All specimens exhibited high levels of 
overconsolidation with an OCR of approximately 1.4,.,.,2.6. 
The classification tests results are summarized in Table 4.3. 
Beaufort Sea Shelf Clay (Shelf Clay) 
Like the Shelf Silty Clay, Shelf Clay was obtained from the Beaufort Sea Shelf. 
This material is described as follows: 
Borehole 90BH02- Unit B- clay -located at a depth of 14"'""15m-grey to black, 
with high plasticity. 
The natural water content of this soil was determined to be 4 7 to 58%, WL=73% , 
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and wp=30%. According to the USC system, this soil is classified as CH, inorganic 
clay of high plasticity (see Figure 4.2). 
According to the GSC Report (GSC, 1990), the preconsolidation pressure, o-~, 
for this soil was approximately 250 kPa. The OCR for this soil is approximately 
1.6"'2.0. The physical indices are shown in Table 4.3. 
Nerlerk Mud 
The Nerlerk Mud tested in this program was obtained from two boreholes , 
NEB6788 S25 and S28, under the Nerlerk Berm. The samples were obtained by 
Shelby tube but were slightly disturbed due to long-distance transport and the long 
duration of storage. Three specimens were treated as undisturbed samples from the 
40cm long sampling tube after the two ends of the samples were cut off. 
Figure 4.1 shows the grain size distribution curve for the N erlerk Mud._ Clay 
size particles constitute 59% of the material, with the remainder being silt size 
particles or fine sand. The fines fraction is mainly quartz but the clay contained in 
the fines is mainly Illite (85%), with some Chlorite (9%) and Kaolite (6%) (Golder 
Associates, 1989). The samples consisted of a very soft to firm, dark grey silty clay, 
of medium plasticity, with some organics and occasional sand lenses. The WL is 
47%, wp is 22%, and lp is 25. According to the USC system, the soil is classified · 
as CL, inorganic silty clay with medium plasticity (see Figure 4.2). 
An oedometer test was also performed on the Nerlerk Mud by Golder Associates 
(1989). The in-situ vertical pressure was approximately 41kPa as shown in Figure 
4.6. The physical properties (Golder Associates (1989) for the Nerlerk Mud are 
summar.ized in Table 4.3, where Wn is the natural water content. 
Beaufort Sea Clay 
The Beaufort Sea Clay, provided by the Atlantic Geoscience Center, was ob-
tained from the Mackenzie Trough in the Canadian Beaufort Sea, with thin-walled 
steel tubes, 3.7 em in diameter, and extruded in the laboratory. The location of 
the Mackenzie Trough is shown in Figure 4.5. The laboratory shear strength is 
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Figure 4.6: Oedometer Curve for Nerlerk Mud (After Golder Associates , 1989). 
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approximately 4-20 kPa (Moran et al., 1989). 
The physical properties of the Beaufort Sea Clay are summarized in Table 4.3. 
According to the USC system, Beaufort Sea Clay is classified as CH; inorganic clay 
of high plasticity (see Plasticity Chart Figure 4.2). 
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Table 4.1: Physical Properties of Nerlerk Sand. 
Type of G$ Cu Cc /min /max 
Soil kNfm3 kNfm.3 
Ncrlerk #1 Sand 2.65 2.0 1.194 14.90 17.50 
Ncrlerk #2 Sand 2.67 2.22 i.42 14.20 17.50 
Nerlerk #3 Sand 2.67 1.82 1.06 13.90 16.90 
Table 4.2: Physical Properties of Silts. 
Type of Dorehole Depth W( Wp lp Gradation Wn Sensitivity 
Soil m % % % 
~Iarine Silt 90 UII03 5.98~6. •10 35 29 6 medium W<'ll J!;ra.df'll 2fi~:lt lA 
14AU-l.J.G<i 
Lunclrigan Silt - - 31 27 4 W<'ll graded - -
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Table 4.3: Physical Properties of Clay. 
Typt· .. r lion• holt• D<•pth w, w,, I,, ( .·• "'-'u SPIIsil ivity 
Soil m % ,., /0 % 
Shelf Silty Cla.v 90131102 5.35-5.52 44 22 22 2.70 32-39 2.8 
9.81-9.86 
Shelf Clay 90UII02 14.21-14.36 73 30 43 2.72 47-58 3.3 
Nerlcrk Mud N EOG788S28 0.0-0.83 47 :n 2.') 2. 71 G2-71 4.G 
Ucaufort Sea Clay ~ITWOI AH.K84 12.31 ~23.43 5:1 23 30 2.70 51.1-(;9.8 3.1 
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4.2 Sample Preparation Methods 
4.2.1 Remoulded Nerlerk Sands 
The sands were oven dried before testing. Particles with a diameter of grains 
greater than No.lO U.S. (2mm) sieve (approximate 8%) were removed. Data on 
natural void ratios were not available. Therefore, a procedure was developed to 
prepare sand specimens. Several methods of pouring sand into the mold were 
tested to determine which method could provide a sample close to medium density, 
i.e. dry unit weight, /d, when relative density Dr = 50% ( /d = I+ G. and 
e(Dr=SO'Yo ) 
e(D,.=50%) = emax - ( emax - emin) * 50%, where emin was obtained by vibrating the 
mold and emax was obtained by pluviating the sands into the mold). The method 
adopted was to pluviate the sand through a funnel and then tap the mold wall 
until medium density was achieved. For dense sand samples, a small shaking table 
was used to achieve a relative density of Dr = 75% in the mold. The cyclic stress 
ratio (CSR) to cause liquefaction is linearly proportional to relative density to 
approximately Dr = 70% (Mulilis, 1975). The linear relationship to calculate CSR 
up to 70% relative density knowing CSR at Dr = 50% is 
O"d (Dr) = O"d X Dr . 
2o-3 2o-3 50% 
( 4.1) . 
In order to compare the results obtained from different relative densities, the 
CSR can be normalized to the CSR measured when Dr=50% using the above 
equation. 
4.2.2 Remoulded Lundrigan Silt 
All samples tested using Lundrigan Silt were of remoulded soil because the silt 
was previously air dried. The size of the chosen mold was the same as the final 
size of the sample to be tested. Remoulded soil was placed in the triaxial mold in 
layers and compacted to a selected unit weight (i.e., 1 = 20kN/m3 when saturated 
at a water content of w=38% as discussed in Section 4.1.2). The mold was then 
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undamped and the sample was mounted in the triaxial cell. Care was taken to 
achieve the same density for each type of the remoulded samples. 
4.2.3 Intact Marine Silt, Shelf Silty Clay, Shelf Clay, Beau-
fort Sea Clay and Slightly Disturbed Nerlerk Mud 
After removing the wax around the samples , the soils were extracted from the 
plastic tubes and trimmed to a diameter of 36mm. The length of the specimens was 
80mm. The trimmed specimens were weighed and the initial volume was recorded 
from which the unit weight was calculated. 
A special mold was designed to enclose the trimmed specimens with triaxial 
membranes. The size of the mold was a little greater than the final size of the 
specimen and a membrane was mounted on the mold wall. A vacuum pump was 
used to create a vacuum between the membrane and mold wall. The specimen 
could then be put into the membrane easily. 
The slightly disturbed Nerlerk Mud samples were used as " undisturbed samples" 
as discussed previously in Section 4.1.3. 
4.3 Back Pressure Saturation 
The back pressure saturation was applied to all silt and clay specimens. 
Lee and Black (1972) provide theoretical and experimental data for time and 
magnitude of back pressure required to dissolve air bubbles in specimens. 
The base of the triaxial cell was initially de-aired by flushing with de-aired 
distilled water. Filter paper discs were then placed over the porous stones to prevent 
them from becoming clogged with clay particles. 2 to 3 mm of de-aired distilled 
water was left covering the base filter plate during mounting. As the specimen was 
mounted on the base, this layer of water was displaced preventing air from entering 
the filter. The procedure adopted for back pressure saturation is to incrementally 
increase the cell pressure and pore pressure simultaneously, allowing equalization at 
each increment. After equalization , the value of a pore-water pressure parameter , 
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B=~: (Skempton, 1954), was measured by applying the next increment. Several 
variables are involved in this procedure: 
• the magnitude and duration of back pressure increment, 
• the magnitude of the effective consolidation pressure during the saturation 
which may or may not permit the specimen to swell, 
• the magnitude of the cell pressure increase when checking the B-parameter, 
and 
• the magnitude of back pressure applied which should not pre-stress the spec-
imen, i.e. the effective confining pressure should not be greater than that 
under which the specimen is to be sheared. 
Three other methods, which were not used in this study, can be applied to 
saturate the samples and to remove air bubbles from the samples: 
• circulation of water through the sample under a slight hydraulic gradient , 
• partial vacuum applied after the circulation of water to the sample in order 
to make sure that there are no air bubbles left in the circuit, and 
• circulation of C02 through the sample to dissolve air bubbles. 
Finally, a back pressure is applied to dissolve any gas remaining in the sample. 
A back pressure of 200kPa was found to be sufficient to produce a B-parameter 
greater than 0.9, indicating that all the gas was dissolved in the pore water of the 
soils. 
4.4 Consolidation 
In this study, all soil samples were isotropically consolidated. The consolidation 
pressure was applied by means of an actuator connected to a compressed air sup-
ply. The required confining pressure was obtained via an air-water cylinder. The 
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drainage connections were then opened to allow the sample to consolidate (two-
way). The amount of water expelled was measured using a volume change appara-
tus. The B-parameter was measured for each sample before consolidation pressure 
was applied. No difficulty was found in obtaining B=0.95 within one hour back 
pressure saturation for sands and B=0.9 within 5 to 6 hours for the rest of the sam-
ples. For the NC samples, however, the compressed air system could not supply 
a sufficiently high pressure to allow a back pressure to be applied while still pro-
viding the required effective stress. B valu~s were therefore somewhat lower than 
those observed for the OC specimens. B values for the clays after consolidation 
were found slightly higher than their initial values before consolidation (after back 
pressure saturation). A sample was discarded if its B value was found to be less 
than 0.9. 
4.5 Rates of Loading 
Frequencies of 1 - 2 Hz are typically of interest for earthquake loading and lique-
faction problems (Konrad, 1985), and therefore a frequency of 1 Hz was used in 
liquefaction potential and stability threshold analysis during this study. 
Frequencies of 0.01 - 0.1 Hz are of interest when considering introgravity and 
gravity wave loading. Therefore frequencies of 0.1 and 0.01 Hz were chosen to 
correspond to a gravity wave and an introgravity wave respectively. The long term 
deformation characteristics of the marine soils were tested at these frequencies. 
4.6 Cyclic Wave Forms 
A function generator was used to supply sinusoidal and rectangular (square) wave 
loadings which were considered to simulate waves and storms. The amplitude of 
loading was varied by simply adjusting the amplitude of the command signal. 
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Chapter 5 
Deforn1ation Characteristics and 
Predictions Under Long Tern1 
Cyclic Loading 
Dynamic loading in a marine environment can induce deformation in soils around 
or beneath offshore structures. Storm wave loading is of great importance, either 
directly by causing pressure fluctuations in sub-bottom sediments, or indirectly by 
impacting structures and causing cyclic loading of the soil beneath the structure. 
Offshore geotechnical design requires that possible permanent deformations pro-
duced by wave loading of prescribed intensity and duration be evaluated. Therefore, 
there is a need to develop more general constitutive relations in marine geotechnical 
engineering. 
This chapter presents a theoretical method which uses rheological mechanics 
to evaluate the time-dependent deformation of soil subjected to long term cyclic 
loading. This method takes into consideration the rheological quality of cohesive 
soils. Various models such as the Maxwell Model, the Kelvin-Voigt Model, etc. 
were adopted to simulate the viscous characteristics of cohesive soils. The numerical 
results from these models under a rectangular wave cyclic load were evaluated. 
Cyclic triaxial testing was conducted to investigate the validity of these rheo-
logical models. The results of theoretical analysis were compared with those from 
the cyclic triaxial testing to ascertain the accuracy of the models for the evaluation 
of permanent deformation (i.e. , long term deformation). The materials tested were 
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Lundrigan Silt and Beaufort Sea Clay. The tests were performed using a rectangular 
(or square) wave cyclic loading under conditions similar to an ocean environment. 
5.1 Theoretical Derivations 
An important characteristic of cohesive soils is viscosity. In order to account for its 
effects, a method based on rheological mechanics can be used to derive expressions 
for layer deformation caused by long term cyclic loading. 
An ocean gravity wave can be described approximately as a rectangular wave 
form without introducing significant error. The loading function for a rectangular 
wave can be written in the following form: 
crd[I(t)- I(t- T) + ... ] 
N 
CTd 2:[I(t- 2kT) - I(t- 2kT- T)] 
k=O 
where 
I(t) is the Heaviside step function, I(t)= 0, when t<O; I(t)= 1, when t~O, 
t is the overall time coordinate, 
T is the semi-period of cyclic loading, 
N is the number of cycles, N=O, 1, 2 ... , 
crd is the amplitude of repeated load, and 
k is an integer, k=O, 1, 2 .... 
(5.1) 
(5.2) 
The ·expression for soil layer strain t(t) due to rheological mechanics can be 
derived as (see Appendix A): 
t(t) - CT * J(t) 
N-1 
- CTd I: [J(t- 2kT) - J(t- 2kT- T)] + 
k=O 
CTd * [J(t) - J(t- T)I(t- T)] (5.3) 
I.e., 
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for the loading period 
N-1 
t:(I) = ad 2: [J(t- 2kT)- J(t- 2kT- T)] +ad* [J(I)], 
k=O 
for the unloading period 
N-1 
t:(t) ad 2: [J(t- 2kT)- J(t- 2kT- T)] + 
k=O 
ad* [J(I)- J(I- T)] (5.4) 
where 
I is the local time coordinate within one cycle, I= t-2NT, 0< t < 2T, and 
J(t) is a creep function, as defined in rheological theory. It is a deformation 
caused by a unit force which varies with time. The test for determining J(t) is 
given in a following section. 
In the early development of rheological theory, materials were primarily modeled 
by networks made up of simple elastic and viscous elements (Ferry, 1980). The 
elastic element is a spring, for which stress and strain are related by the relation 
a = J.Lt, where 11 is the elastic modulus. The simple viscous element is represented 
by a dashpot for which the constitutive relation is represented by a = TJ i:, where TJ 
is the viscosity of the element, and i: is the rate of strain. 
Since rheological materials combine elastic and viscous effects, it is possible to 
model them approximately by combining elastic and viscous components in various 
parallel and series arrangements. In this study, four .combinations were used to eval-
uate the creep function, J(t), under long term cyclic loading. These elasto-viscous 
models were the Maxwell Model (Figure 5.1), the Kelvin-Voigt Model (Figure 5.2), 
the Standard Linear Model (Figure 5.3), and the Burgers Model (Figure 5.4). The 
expressions for permanent deformation appropriate to these models were derived 
(see Appendix A) and are presented below. 
The one-dimensional deformation of a soil layer at a given moment S(t) is 
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i J( t) 
Figure 5.1: Maxwell Model. 
M 
S(t) = L f.i(t)b.Hi 
i=l 
where 
M is the number of soil layers, 
ti(t) is the strain of the ith layer, and 
D.Hi is the height of the ith layer. 
Time, t 
(5.5) 
From the following derivations, the respective expressions of strain for the four 
models can be obtained. 
5.1.1 Maxwell Model 
The creep function for the Maxwell Model is given by (Lockett, 1972) 
1 1 
J(t) = (- + -t) * I(t). 
J.L TJ 
(5.6) 
By substituting this equation for J(t) in Eqn (5.4), the following can be derived 
as shown in Appendix A: 
For the loading period 
1 NT t (- +- + -)crd. 
J.L TJ TJ 
(5.7) 
For the unloading period 
(N + 1)T 
CTd. (5.8) 
TJ 
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Time, t 
Figure 5.2: Kelvin-Voigt Model. 
5.1.2 Kelvin-Voigt Model 
The creep function of the Kelvin-Voigt Model is (Lockett, 1972) 
(5.9) 
Substitution of the above in Eqn (5.4) can lead to the deduction of the following 
(shown in Appendix A): 
For the loading period 
t:(t) = 
(5.10) 
For the unloading period 
t:(t) = 
(5.11 ) 
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J(t) 
l-'1 
Figure 5.3: Standard Linear Model. 
5.1.3 Standard Linear Model 
The creep function for this model is (Lockett, 1972) 
where 
ER = p,2 elastic modulus during relaxation, 
Tc = ...!L relaxation time of displacement, and 
J..Ll 
Tu = "!( .l + .l) relaxation time of loading. 
J..Ll J..L2 
Substitution of Eqn (5.12) in Eqn (5.4) leads to the following: 
For the loading period 
For the unloading period 
where 
A- _1 
- ER' 
B = --1 ( 1 - IL) and 
ER 'TCT ' 
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Time, t 
(5.12) 
(5.13) 
(5.14) 
J(t) 
Time, t 
Figure 5.4: Burgers Model. 
5.1.4 Burgers Model 
The creep function of the model is given by (a combination of the Maxwell Model 
and the Kelvin-Voigt Model): 
1 1 t 1 -~t J(t) = - +-+-- -e 112 • 
~1 ~2 ~1 ~2 
(5.15) 
Substitution of Eqn (5.15) in Eqn (5.4) produces the following: 
For the loading period 
€(t) = crd{(A + N BT) + [CE(e- 2NTD- 1) + C]e-Dt + Bt}. (5.16) 
For the unloading period 
(5.17) 
where 
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Figure 5.5: Generalized Burgers Model. 
To quantitatively fit the true creep curve, a more complex model is required. 
The following equation introduces the Generalized Burgers Model (Figure 5.5). 
The creep function for this model is 
1 1 n 1 _.& 
J ( t) = - + -t + L - ( 1 - e '~d). 
JJ-o TJo i=l J.l-i 
(5.18) 
The proper selection of the parameters J.l-i and TJi in the model can yield a good 
fit of the true creep curve. 
5.2 Test Materials and Load Form 
The samples investigated in this portion of the study were Beaufort Sea Clay (BS 
Clay) and Lundrigan Silt (L Silt ). Frequencies of 0.01 - 0.1 Hz are of interest when 
considering introgravity and gravity wave loading. Testing frequencies of 0.1 and 
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Load 
Time 
Figure 5.6: Plot of Applied Loading. 
0.01 Hz were chosen to correspond to a gravity wave and an introgravity wave 
respectively. The long term deformation characteristics of the soils were tested 
at these frequencies. A square wave cyclic loading (see Figure 5.6) was used to 
simulate waves or storms. 
The tests were conducted on isotropically consolidated specimens under the 
condition of two-way open drainage. 
5.3 Description of Results 
The test results are shown m Figure 5.7, Figure 5.8 and Figure 5.9, where cr3 is 
the confining pressure and cr d is axial cyclic deviatoric load. In Figure 5. 7, the 
jumps shown in (a), (b) and (c) at times of approximately 120s, 600s, and 1200s 
respectively, are due to the fact that only deformations at the begining and at the 
end of the time period were recorded. This was due to the memory limitation 
of the computer. The total test times are shown on the graphs. Deformation 
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characteristics of Beaufort Sea Clay and Lundrigan Silt can be obtained from these 
deformation curves and are summarized as follows: 
• The curves of permanent deformation caused by the cyclic loading fell between 
the deformation curves for rapidly applied static loadings of (]'o and ~(]'o (se e 
Figure 5.10). The definition of rapidly applied static loading is shown in Fi,g-
ure 5.11. The actual distance between the curves was a function of the OCR 
of the soil and the cyclic period of the loading. The distance between the 
central axial cord of the deformation curve caused by axial cyclic deviator:ic 
loading, (]'d, and the deformation curve of rapidly applied static loading ~ <Yo 
was inversely proportional to the degree of consolidation and the loading fre-
quency; the distance was directly proportional to the magnitude of permanen t 
deformation. 
• The loading phase consisted of an initial (elastic) deformation phase and a il 
ensuing phase of plastic deformation and viscous flow; whereas an unloadin~ 
phase was composed of an initial (elastic) rebound phase and an ensuing phase 
of elastic after-effect (viscous recovery following the initial elastic rebound) 
(see Figures 5.7c and 5.7d, etc.). 
• The average (i.e. the central axial cord) deformation curve of the cyclic 
loadings approximated a static deformation curve (see Figure 5.8c, etc.). After 
long term loading and unloading, the value of double amplitude strain (i.e_ 
peak-to-peak strain) in the deformation curves tended to be constant, i.e. ~ 
the sample reached steady-state vibration (see Figure 5.8d, etc.). The slope 
of the average deformation curve may approach zero or a finite non-zero value 
depending on the type of soil, the magnitude of cyclic loading, the OCR and 
the frequency of loading. 
• The higher the confining pressure, the smaller the permanent deformation. 
This is because confining pressure restricts the lateral expansion of the soil 
and increases stiffness (see Figures 5. 7a and 5. 7b ). The smaller the cyclic 
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Figure 5. 7: Test Results for Beaufort Sea Clay. 
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Figure 5.8: Test Results for NC State Lundrigan Silt (0"3 = O"c=lOOkpa). 
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Figure 5.9: Test Results for OC State Lundrigan Silt (a3 = ~ac=50kPa) . 
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Figure 5.10: Relationship between Static and Cyclic Loading. 
period, the smaller the permanent deformation and the vibration amplitude 
of the sample (see Figures 5.7a and 5.7d, and Figures 5.8b and Figure 5.8d, 
etc.). 
• More elasticity (relatively small permanent deformation or relatively large 
rebound) is shown in Lundrigan Silt than in Beaufort Sea Clay due to the 
former's lower plasticity. More elasticity is shown in the specimens subjected 
to higher vibration frequency than in those subjected to lower vibration fre-
quency (see Figures 5.8a and 5.8c, etc.). The ideal elastic material vibrates 
about the static deformation curve of one-half applied cyclic loading, i.e., 
the deformation curve caused by a static loading O"o=~O'd. Relatively speak-
ing, overconsolidated (OC) soils exhibit more noticeable elasticity (e.g., more 
rebound) than normally consolidated (NC) soils do, and so their residual 
deformation value is found to be smaller (see Figures 5.8c and 5.9c). 
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Figure 5.11: Definition of Rapidly Applied Static Loading. 
• Previous tests (Mulilis et al. , 1978) have shown that a much larger deforma-
tion is caused by rapidly applied loads (e.g. square wave cyclic loading) than 
by progressively applied loads (e.g. sine wave cyclic loading, triangular wave 
cyclic loading or trochoidal wave cyclic loading). Therefore, the selection of 
square wave cyclic loading in this study to evaluate permanent deformations 
caused by gravity waves is conservative. 
5.4 Comparison Between the Theoretical and 
Test Results 
The numerical analysis results from this study for the Kelvin-Voigt and Burgers 
Models are shown in Figure 5.12 and Figure 5.13. Figure 5.14 displays the perma-
nent deformations obtained from the different rheological models. By comparing 
Figure 5.14 with Figure 5.8c, the following conclusions relevant to the four rheo-
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logical models can be made. 
• The Maxwell Model reflects the initial deformation and the following constant 
rate of viscous flow of the soil , which would be more suitable to soft clay and 
mud (Figure 5.14d). 
• The Kelvin-Voigt Model disregards the initial deformation of the soil , but 
takes into account the non-linearity of the deformation of cohesive soils (Fig-
ure 5.14c). It can approximately simulate the deformation characteristics of 
high plasticity soils or rapidly dynamically loaded soils (e.g. , f~0.1Hz , see 
Figures 5.13a and b, etc.), as the initial deformation can be roughly regarded 
as zero. 
• The Standard Linear Model can reflect the initial elastic rebound and elastic 
after-effect of the soil, but it fails to reflect the non-linear viscous flow of the 
soil (Figure 5.14b). Therefore, it is a more appropriate model to use in the 
initial period of the creep or deformation of OC soils (see Figures 5.9d and 
5.14b , neglect the difference in O"d)· 
• Being a series combination of the Maxwell Model and the Kelvin-Voigt Model , 
the Burgers Model can reflect not only the elastic after-effect, but also the 
viscous flow of the soil (Figure 5.14a). Therefore, it gives a better qualitative 
prediction than other soil models. This can also be seen in Figures 5.12c, 
5.12d, 5.13c, and 5.13d. 
Looking at the deformation curves obtained from numerical analysis and test 
results (Figures 5.12, 5.7, 5.13, and 5.8) indicates that the actual permanent de-
formation values obtained from laboratory tests and the theoretical permanent 
deformation values achieved in the numerical modeling are close. Also the numer-
ical analysis curves fit the actual permanent curves in shape although the curves in 
Figure 7 did not turn out very well due to the memory limitations of the computer. 
The comparison made between the characteristics of the deformation curves , be-
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Figure 5.12: Theoretical Deformation Curves for BS Clay (Corresponding to Figure 
5.7). 
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Figure 5.14: Comparison Between Different Models. 
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tween the permanent deformation values and between numerical analysis and test 
results leads to the following conclusions. 
The deformation characteristics described in the results of the last section are 
reflected in the rheological models as shown in the respective deformation curves. 
The models also reflect the rebound of the soil during unloading. The permanent 
deformation values shown in the figures indicate that the deformation values ob-
tained from the rheological models are close to the actual deformations. For soils 
with high plasticity, like Beaufort Sea Clay, taking viscous flow into account is im-
portant during the evaluation of the deformation under long term cyclic loading. 
In addition , the longer the cyclic period of repeated loading, the better the results 
from the rheological models , as the soil is allowed to develop viscous deformation 
under long period loading. 
5.5 Determination of Creep Function - Creep 
Test 
In a creep test, the material specimen, which is initially in a virgin state, is subjected 
to an instantaneous load which is varied in such a manner so as to keep the effective 
stress at a constant value after load application. The resulting deformation or strain 
in the specimen is measured as a function of the time elapsed from application of 
the load. If the time of load-application is chosen as the origin of the time scale , 
the stress in the specimen will have the form 
o-(t) = o-o * I(t). (5.19) 
In the above equation, o-0 is a constant depending on the magnitude of the 
applied load and the dimensions of the specimen, and I( t) denotes the Heaviside 
step function. The strain responds to the stress in the form 
t: (t ) = o-0 * J (t ). (5.20) 
Thus the creep function , J (t ), can be readily determined by dividing the mea-
sured strain response by the known constant o-0 . The fL and 17 values for the different 
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Figure 5.15: Creep Features for Different Materials. 
rheological materials used in this study were obtained from the available data and 
back analyses of the specified oedometer test data. 
The general features of the creep function for vanous materials are shown 
schematically in Figure 5.15. Provided that inertia effects are negligible, the strain 
in an elastic material immediately attains some value and then remains constant. 
For a viscous fluid , the material flows at a constant rate, so that J ( t) is proportional 
to time, t. These remarks are consistent with the requirements that J(t) = 1/ /-l 
and J(t) = tj17 in order to obtain the constitutive relations for elastic and viscous 
materials. In a rheological material there is a relatively rapid increase in J ( t) for 
small values oft (i.e., soon after application of the load), which may (e.g., the Burg-
ers material) or may not (e.g., the Kelvin-Voigt material) contain an instantaneous 
elastic component. As t increases , the slope of the curve deceases and as t ~ oo 
the slope may approach zero or a finite non-zero value. 
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Chapter 6 
Liquefaction Potential and Cyclic 
Strength 
An understanding of the behavior of marine soils is required in the dynamic analysis 
of offshore structures which may be subjected to earthquake excitation or loaded 
through storm wave action. This behavior of dynamically loaded soil is commonly 
expressed in terms of liquefaction potential or cyclic strength of the soil. The ob-
jective of this experimental investigation was to quantify the liquefaction resistance 
and cyclic strength of soils under different drainage conditions and consolidation 
states and to also identify other influencing factors when assessing dynamically 
loaded soils. 
The tests were conducted on saturated specimens obtained from the Beaufort 
Sea and locally. The specimens investigated in this portion of the study were Nerlerk 
#1 sand, Nerlerk #2 sand, Nerlerk #3 sand, Nerlerk Mud and Lundrigan Silt. The 
Beaufort Sea soils had been previously subjected to an intensive investigation by 
Golder Associates on behalf of Gulf Canada Limited (Golder Associates, 1989). 
A description of these soils was presented in Chapter 4. Because of the range of 
investigations carried out on the influencing factors of dynamic strength during this 
portion of the study, the results are useful in the analysis of a variety of seafloor 
dynamic loading problems and in the earthquake engineering design of offshore 
structures. 
Various types of laboratory testing procedures for determining liquefaction po-
tential or cyclic strength of soils are available, such as the cyclic triaxial , cyclic sim-
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ple shear and torsional shear tests. In this portion of the study, the cyclic triaxial 
test was used to investigate the liquefaction potential and strength characteristics 
of the soils. 
6.1 Criteria of Liquefaction and Cyclic Strength 
The most commonly used liquefaction criterion for liquefiable cohesionless soils is 
the initial liquefaction criterion. The initial liquefaction corresponds to the condi-
tion when the pore water pressure, u, becomes equal to the confining pressure, cr3. 
To compare the results of liquefaction tests conducted by different investigators on 
various types of soils, a standard curve for initial liquefaction at a given number of 
load cycles has been developed. This is a plot of cyclic stress ratio (CSR), f:;, vs N, 
where crd is the axial cyclic deviatoric stress and N is the number of cycles to cause 
initial liquefaction under certain conditions. However, due to the fact that dense 
soil dilates when its strain exceeds a certain value, and also due to the pre-shearing 
effect under the consolidation condition of deviatoric stress, initial liquefaction can-
not always be reached. This is because the dilation of the soil reduces pore water 
pressure and pre-shearing helps to stabilize the soil under dynamic load. This is 
referred to as cyclic mobility (Castro and Poulos, 1977). The cyclic strain criterion , 
therefore, was developed to consider the cyclic strength of this type of cohesionless 
soil or cyclic strength of cohesive soil. In most cases, 10% double amplitude strain 
(i.e. peak-to-peak strain) is considered failure although it depends on the type of 
soil. In some cases, 5%, 3%, or even 2% residual or double amplitude strain is 
considered as failure. It can be seen that, for a given value of crd, the initial liq-
uefaction and failure occur simultaneously for loose sand. However, as the relative 
density of the soil increases, the difference between the number of cycles to cause 
10% residual or double amplitude strain and to cause initial liquefaction (if it can 
even be reached) increases. 
In this portion of the study, because the cyclic loading was applied through a 
load-controlled system, the load was one-way (from 0 to crd)· The double amplitude 
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strain was thus lower than the residual strain after a certain point. For this study, 
a soil was determined to have reached its liquefaction potential or cyclic strength 
whenever either the pore pressure or the residual strain reached the corresponding 
liquefaction or cyclic strain criterion. 
6.2 Soil Types and Test Procedures 
The materials used in this investigation were the three Nerlerk sands , the Nerlerk 
Mud and the Lundrigan Silt . A frequep.cy of 1 Hz was used in this portion of the 
study. 
A series of cyclic triaxial tests were l>erformed on Nerlerk # 1, #2 and #3 sands , 
Nerlerk Mud and Lundrigan Silt. The estimated in-situ void ratio of each sample 
was strived for during sample preparation of the remoulded sands . The samples 
were isotropically consolidated to varying over-consolidation ratios (OCR) between 
1.0 and 8.0. In cases where pore pressure developed slowly and did not approach 
liquefaction ( u = cr3 ), axial deformation was accepted as failure when the residual 
strain reached 2.5%. 
6.3 Analyses of Test Results of Cohesionless Soils 
6.3.1 Effect of Cyclic Stress Ratio 
Cyclic stress ratio is the ratio of single amplitude cyclic deviatoric stress cr d/2 to 
confining pressure cr3 , i.e., CSR = f:;. Figure 6.1 shows typical results for Nerlerk 
#1, #2 and #3 sands for the undrained conditions. The results are presented as 
plots of axial strain vs number of cycles (N) and normalized pore pressure (u/cr3 ) 
vs number of cycles. It should be mentioned here that in most of the u / cr3 vs N 
plots, there are initial values of pore pressure. This is due to the fact that the 
author had to open the valve for applied cyclic loading before triggering the data 
acquisition system located three meters away from the control panel where the valve 
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was mounted. The two seconds or so time difference between the start time and 
recording time resulted in the initial readings of pore pressures which should have 
been zeros. The same situation ocqtre,d. in the u/(j3 vs N plots of Chapter 7. 
The test results of. the Nerlerk sands showed that the number of cycles required 
to failure is a function of the CSR. As the CSR increased, the number of cycles to 
cause failure decreased. This is attributed to the effect of soil crushing at high CSR 
levels. The soil crushing resulted in failure by extra deformations. 
In general, the pore water pressure in sands developed rapidly during the cyclic 
loading and failure in most cases was caused by initial liquefaction. For a CSR less 
than a certain value (stability threshold; for sands, this is normally very small), the 
buildup in pore pressure was not sufficient to cause failure by initial liquefaction in 
both cohesionless and cohesive soils. 
6.3.2 Effect of Drainage 
Figure 6.2 shows the effect of drainage on the cyclic stress ratio for Lundrigan Silt 
and Nerlerk #1 sand. These plots indicate that the value of CSR to achieve initial 
liquefaction or 2.5% strain at a given number of cycles could be 30-50% less for 
samples subjected to cyclic loading under undrained conditions, as compared to 
those under partially drained conditions. Even for a relatively slow rate of dissipa-
tion, such as under a partial drainage condition, it appears likely that a significant 
increase in CSR would result. This indicates that it is necessary to consider the 
effect of drainage for practical purposes. The determination of a precise degree 
of drainage could be achieved during the cyclic triaxial test through a parametric 
study of drainage conditions. Drainage and overconsolidation, as shown in Figure 
6.2(b), have similar effects on the increase of liquefaction resistance in that the 
number of cycles required to induce liquefaction or 2.5% residual strain is increased 
for a given CSR. 
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Figure 6.1: Typical Results from Nerlerk Sands (a) Nerlerk #1 Sand, (b) Nerlerk 
#2 Sand, and (c) Nerlerk #3 Sand. 
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6.3.3 Effect of Dilatancy 
Overall test results obtained from dense Nerlerk #2 sand specimens indicated that 
the samples did not fail under the same cyclic stress ratio conditions which caused 
initial liquefaction in medium dense samples. The test results also indicated that 
as the confining pressure was increased, the decrease in the rate of pore pressure 
was not as great. In no case, did pore pressures reach negative values. This means 
that the confining pressure can impede the decrease of the pore pressure. 
Figure 6.3 shows the typical results for dense Nerlerk #2 sand (Dr = 75%) 
obtained from the cyclic triaxial tests. These tests typically showed that normalized 
pore pressure increased rapidly in the first few cycles, and subsequently decreased. 
The final value of the pore pressure in some cases was lower than the initial value 
of pore pressure. As can be seen from comparing Figure 6.3(a) and 6.3(b), this 
phenomenon is more evident under conditions of lower axial cyclic deviatoric stress. 
This behavior indicates that the dense Nerlerk #2 sand is to some degree dila-
tive. The failure was not caused by excess pore water pressure as in the case of 
medium dense Nerlerk #2 sand, but through excessive axial deformation. Dilation 
in the dense Nerlerk #2 sand also lengthened the time to failure of the samples and 
also retarded the development of axial deformation. 
6.4 Dynamic Behavior ofNerlerk Mud and Lun-
drigan Silt 
The cyclic characterization of normalized behavior of NC and OC offshore clays 
has been verified by Vucetic (1988). The test results of u and fYd are thus presented 
as the plots of ~ and .!!.d, ( CSR) versus the number of cycles N, where rY; is the 
a 3 2a 3 
consolidation stress rJ~ for NC clays, and apparent preconsolidation pressure rY~ for 
OC clays. 
For all samples. the residual pore water pressure, u, increased progressively with 
the number of cycles of loading as shown in Figure 6.4, only if the cyclic deviatoric 
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Figure 6.3: Effect of Dilatancy m Dense Nerlerk #2 (a) CSR=0.25 and (b) 
CSR=0.625. 
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6 
stress level exceeded the stability threshold. The strain was not symmetrical about 
a horizontal axis even for the first few cycles except for those samples tested at 
.( 
a stress level below the stability threshold. Rather, the residual strain increased 
rapidly after the start of testing. For samples tested above the stability threshold, 
J 
in most cases it was observed that large cyclic strains in excess of 2.5%, occurred 
before the pore pressure ratio, u / cr;, approached 1. This is contrary to test re-
sults using Nerlerk sands where failure was caused by liquefaction. The tests were 
characterized by peak-to-peak strain, Ec, or residual strain Ea, increasing with each 
successive stress cycle. Failure during testing was always under a compression state. 
The behavior of the silt and clay was therefore quite different from that of the sat-
urated sands, in which strains developed only after the pore pressure ratio u/ cr; 
approached 1 and accelerated when uf cr; approximately equaled 1 (as shown in 
Figure 6.1 ). Failure for Nerlerk Mud and Lundrigan Silt was therefore determined 
from the cyclic strain criterion and corresponded to either 2.5% double amplitude 
strain or 2.5% residual strain, whichever occurred first. 
6.4.1 Effect of Over-Consolidation Ratio 
Sediments in a marine environment tend to be subjected to some degree of overcon-
solidation and this may bring about a hardening effect in the soils and a consequent 
increase in the cyclic strength. Figure 6.5 shows the effect of over-consolidation ra-
tio on the CSR. The test results for Nerlerk Mud showed that an over-consolidation 
ratio of 2 could increase the cyclic strength by as much as 70% over the strength 
of normally consolidated specimens. The OCR effect in Lundrigan Silt was not as 
pronounced as in Nerlerk Mud. This may be interpreted as the influence of particle 
SIZe. 
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6.4.2 Effect of Mean Particle Size 
The CSR has been plotted in Figure 6.6 against the mean particle size, D50 , of the 
specimens. This figure shows that the strength increased as the mean particle size 
decreased to a certain extent and Lundrigan Silt had higher cyclic strength than 
Nerlerk Mud and the Nerlerk sands. The lower cyclic strength in Nerlerk Mud may 
be due to the high water content in the seafloor mud which could result in large 
deformations. 
6.5 Stress-Strain Relationship 
T ypical curves for cyclic deviatoric stress vs axial strain (only for an initial limited 
number of cycles for each type of soil ) are shown in Figure 6.7. In the specimens 
where positive pore pressure developed with increasing number of cycles , the back-
bone curve of the stress-strain relationship decreased gradually. In the specimens 
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such as dense Nerlerk #2 sand where positive pore pressure decreased after an 
initial increase as shown in Figure 6.3, the backbone curve increased (see Figure 
6.7(b)). From these plots, greater deformation was measured for Nerlerk Mud than 
the rest of the soils for a given number of cycles as is shown in · Figure 6. 7. These 
curves of the cyclic stress-strain relationship can be used to determine shear moduli 
as discussed in Chapter 7. 
6.6 Liquefaction Potential 
Plots of CSR vs N to cause initial liquefaction in all the Nerlerk sands are presented 
in Figure 6.8( a). These test results indicate that Nerlerk #2 sand has a somewhat 
higher liquefaction resistance than Nerlerk #1 and #3 sands. This is interpreted to 
be caused by the fine grain fraction present in Nerlerk #2 sand preventing buildup 
of excess pore water pressure (see Figure 4.1 ). 
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6.7 Cyclic Strength 
The cyclic strength of a soil can be determined from CSR vs N plots such as 
that shown in Figure 6.8(b ). This plot shows that Lundrigan Silt would retain 
its strength for a greater number of cycles (given a certain CSR) as compared to 
Nerlerk Mud. This is attributed to the fact that the high water content present 
in Nerlerk Mud caused much larger deformations and the specimens failed from 
excessive deformations. 
Theoretically, the maximum cyclic stress ratio that can be applied to a cohe-
sionless specimen is a function of effective confining pressure o-; and effective angle 
of internal friction cjJ'. According to static limit equilibrium, for isotropically con-
solidated, 
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sin¢/ (6.1 ) (1-sin¢') 
In reality, however, the combined deviatoric stresses measured in soils may be 
larger than those obtained from the above equation. This is due to strain rate 
effects in cyclic tests that result from the short duration of load application during 
each cycle. Nevertheless, under these conditions , failure in cyclic tests is imminent 
and the failure envelope from static tests may still provide an adequate reference 
strength. 
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Chapter 7 
Stability Threshold and Dynan1ic 
Stiffness of Saturated Clays 
A common approach in geotechnical earthquake engineering is to express the undrained 
resistance as a function of the number of load cycles to failure. However, when the 
number of load cycles is very large and they are applied over a long period of time, 
as in the case of wave loading, it is more convenient to express the cyclic undrained 
resistance of clayey soils as a threshold. This threshold (i.e., stability threshold) is 
defined as the stress level below which the soil will not fail regardless of the number 
of applied cycles. 
An understanding of the dynamic stiffness of marine soils is also required in the 
analysis of offshore structures subjected to earthquake excitation or storm wave 
action. This behavior is commonly expressed in terms of a modulus degradation of 
the soil with an increase in strain. 
The objective of this experimental investigation was to quantify the stability 
threshold and dynamic modulus of saturated Beaufort Sea clays at various over-
consolidation ratios. 
7.1 Stability Threshold 
A compilation of published data on the stability threshold of clayey soils is presented 
in Table 7 .1. This list is restricted to data obtained from one-way cyclic triaxial 
test results (which is the method used in the present experimental program), as it 
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is known that test type and loading conditions can influence the results. 
This chapter presents the results of a laboratory testing program on the Beau-
fort Sea clayey soils aimed at studying the stability threshold problem. Stability 
thresholds were determined for both overconsolidated and normally consolidated 
specimens at a predetermined frequency. 
7.1.1 Test Procedures 
All tests were conducted on isotropically consolidated specimens subjected to undrained 
conditions. An all-around consolidation pressure, ac, higher than the apparent 
preconsolidation pressure, a~, was used for tests requiring normally consolidated 
specimens. An all-around consolidation pressure lower than the apparent precon-
solidation pressure was used for tests requiring overconsolidated clay specimens. 
Cyclic triaxial tests were performed under load-controlled conditions with a load-
ing frequency of 1 Hz which is the commonly used frequency in the dynamic design 
of offshore structures. Deviator stress, ad, was alternated between zero and a pre-
selected maximum value (i.e., one-way cyclic load). The values of deviatoric stress , 
ad, and confining pressure, a 3 were recorded by a data acquisition system during 
testing. 
The soil samples investigated in this study were Nerlerk Mud, Shelf Silty Clay, . 
Shelf Clay, Marine Silt, and Beaufort Sea Clay. These soils were previously de-
scribed in detail in Chapter 4. 
7.1.2 Test Results 
The typical development of normalized pore pressure, uj ac (or u/ a~ for OC speci-
mens), and axial strain, Ea, with the number of loading cycles, N, is shown in Figure 
7.1. The rest of the typical results for each type of soil are presented in Appendix 
B. Due to the limitations set on the length of the thesis, only two typical figures 
for each type of soil are presented in Appendix B. 
The criterion for determining the stability threshold which was used in this 
portion of the study is as follows. It was noticed that as the cyclic stress ratio 
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Figure 7.1: Test Results from Normally Consolidated Nerlerk Mud. 
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(CSR) was increased, the u/~c (or uf~~) vs N plot or Ea vs N plot changed from 
concave downward to concave upward as shown in Figure 7.1. This change in the 
shape of the curve to concave upward inferred that the soil would fail and was not 
"stable". The mean value of CSR of the first sample that was not stable and the 
CSR of "stable" sample was defined as the stability threshold. This criterion is 
essentially the same as the commonly used criterion, which states that the first 
CSR which would fail eventually is defined as the stability threshold (Houston and 
Herrmann, 1980; Lefebvre et al., 1989). Ideally, both methods require the CSR to 
be increased in small steps to determine the stability threshold. However, such a 
process would require many samples, and since a limited number of samples were 
available for the current study, the CSR was increased in relatively large steps. 
Stability thresholds obtained from the tested samples are summarized in Table 
7.2 through Table 7.6 for both normally consolidated and overconsolidated speci-
mens. 
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soil 
Casselman 
Clay 
ottawa 
Clay 
Dra111111en 
<0 Clay 
-.] 
Kaolinite 
Bentonite 
Pacitic Hemi-
pelagic Clay 
Keuper marl 
Pacific Pelagic 
Clay 
Atlantic calca-
reous ooze 
San Francisco 
Bay mud 
Grande Baleine 
Clay 
Table 7.1: Published Data on Stability Thresholds, after Lefebvre et al., 1989 
(including their data). 
Reference w 
"" "'' 
J, a; Monotonic Samplinq (a; -a;11 
' ' ' ' 
s. J. ltPa loading technique ltPa 
Raymond 91 66 20 46 11 1. 54 49 CID tests Block 66 
et al. (1977) 15 
Mitchell and 33 34 18 15 -1 170 CIUC tests Block 92 
King (1977) 38 41 20 25 180 98 
Anderson 52 55 28 27 - 0.89 NC CIUC tests Tube llO(NC) 
et al. (1980) 96(0CR=4) 
7l(OCR=l0) 
Hicher (1980) NC CIUC tests Reconstituted 
Hicher (1980) NC CIUC tests Reconstituted 
Houston and 69 51 20 <3 NC CAUC tests Box core 15 
Herrmann (1980) 118 68 32 
Hyde and 36 19 17 NC CIUC tests Reconstituted 
Ward (1985) 
Houston and 81 85 42 <3 NC CAUC tests Piston 11-13 
Herrmann (1980) 128 101 74 Sampler 
Houston and 38 Nonplastic NC CAUC tests Box core 48-62 
Herrmann ( 1980) 
Houston and 68 94 48 8 NC CIUC tests Piston 11-13 
Herrmann (1980) Sampler 
Lefebvre and 59 34 22 12 30 2.84 NC CIUC tests Block 40-60 
LeBoeuf (1989) 
Frequency Stability 
Hz threshold 
1 0.54 
0.033 -0.5 
0.25 
0.1 >0.68,<0.80(NC) 
>0.52,<0.66(0CR•4) 
>0.42,<0.68(0CR•10) 
0.1 0.11 
0.1 0.96 
2 0.58 
0 . 1 0.50(NC) 
0.55(0CR •4) 
0.7(0CR• 10) 
2 0.9 
2 0.18 
2 0.86 
0.01-2.0 0.19-0. 211 
Table 7.2: Stability Thresholds for Nerlerk Mud. 
Type of Test OCR (ut - C7J)mu Number of Failure Co Approximate Stability 
2C73 Cycles Threshold f:; 
NM-CIUCw-8 8.0 0.5 600 No 0.95% 0.6 
0.7 96 Yes 1.6% 
NM -C/UCw-4 4.0 0.25 1000 No 0.15% 0.375 
0.50 120 Yes 1.9% 
NM-C/UCv-2 2.0 0.25 700 No 0.8% 0.31 
0.375 120 Yc& 3.4% 
NM- CIUCv -1 1.0 0.19 500 No 0.4% 0.22 
0.25 120 Yes 3.8% 
Table 7.3: Stability Thresholds for Marine Silt. 
Type of Test OCR (ut - C7J2mu Number of Failure Co Approximate Stability 
2<73 Cycles Threshold f:; 
MS- C/UCv- OC 4 0.5 1000 No 1.2% 0.58 
0.67 120 Yes 2.5% 
MS- C/UC11 - OC 2 0.33 700 No 0.8% 0.415 
0.5 120 Yes 2.0% 
MS- CIUCv- NC 1 0.167 600 No 0.4% 0.25 
0.33 120 Yes 1.1% 
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Table 7.4: Stability Thresholds for Shelf Clay. 
Type of Test OCR (111 - I1J}ma:z: Number of Failure t:. Approximate Stability 
2113 Cycles Threshold .!!..tL. 
2<73 
se- ewe.- oe 2.0 0.25 1000 No 0.6% 0.375 
0.50 100 Yes 1.6% 
Se- eJUe11 - Ne 1.0 0.125 900 No 0.7% 0.19 
0.25 120 Yes 2.8% 
Table 7.5: Stability Thresholds for Shelf Silty Clay. 
Type of Test OCR (al - OJ)mo:r Number of Failu.re ia Approximate Stability 
2a3 Cycles Threshold f:; 
sse- eiUe11 - oe 4.4 0.227 1000 No 1.8% 0.28 
0.34 110 Yes 3.8% 
sse- ewe11 - oe 2.2 0.17 1000 No 0.7% 0.2 
0.227 120 Yes 1.9% 
SSe- eiUC11 - Ne 1.1 0.11 1000 No 0.6% 0.14 
0.17 120 Yes 2.3% 
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Table 7.6: Stability Thresholds for Beaufort Sea Clay. 
Type of Test OCR ( <7t - <7J )mu Number of Failure { . Approximate Stability 
2<73 Cycles Threshold f:; 
BSC- CIUCv- OC 4 0.33 1000 No 0.9% 0.42 
0.5 340 Yes 1.3% 
sse- ewe,- oc 2 0.125 1000 No 0.6% 0.2 
0.175 480 Yes 1.2% 
BSC- CIUCv- NC 1 0.08 1000 No 0.6% 0.1 
0.116 225 Yes 1.6% 
The stability thresholds in the above five tables are shown in Figure 7.2. 
7.1.3 Discussion 
The results show that the Beaufort Sea soils exhibit very good normalized behavior 
with respect to consolidation stress, ac , or preconsolidation pressure, a~. 
The following conclusions can be made from the test results: 
• In general, at low stress levels, the larger increases m pore pressure were 
generated during the first few loading cycles. 
• For samples tested above the stability threshold, axial strain increased slowly 
with each loading cycle, but increased suddenly when the sample approached 
failure. When the CSR value was below the stability threshold, the axial 
strain increased slowly with each loading cycle but the samples did not fail. 
• The maximum axial strain of the non-stabilized samples by the time the 
curve became concave upward (it was before failure for most samples) ranged 
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Figure 7.2: Stability Threshold versus Overconsolidation Ratio. 
between 1.6% (Beaufort Sea Clay) and 3.8% (Nerlerk Mud) for normally con-
solidated soils, between 1.2% (Beaufort Sea Clay) and 3.4% (Nerlerk Mud) 
for slightly overconsolidated soils (1< OCR ~2), and between 1.0% (Beaufort 
Sea Clay) and 2.4% (Marine Silt) for highly overconsolidated soils (OCR 2:3). 
These results indicate that the maximum measured strain at failure in over-
consolidated soils is less than that of normally consolidated soils. 
• A survey of the maximum axial strains measured in the stabilized cyclic tests 
(those tests in which CSR was less than the stability threshold) shows that 
the maximum strain was less than 0. 7% for normally consolidated soils (Shelf 
Clay), less than 0.8% for slightly overconsolidated soils (Nerlerk Mud), and 
less than 1.2% for highly overconsolidated soils (Shelf Clay) (OCR2:3). From 
this , it can be seen that the strain in the stabilized tests was much smaller 
than that in the non-stabilized tests as the specimens approached failure. 
In addition , strain should be smaller in highly overconsolidated specimens 
101 
than in slightly overconsolidated specimens or normally consolidated speci-
mens in the above stabilized cyclic tests. These results were not observed in 
the stabilized samples for the following reasons. The first reason was that 
the deformation eventually stabilized, and the curves remained practically 
horizontal with additional loading cycles. Therefore, no essential difference 
existed whether the permanent strain was higher or lower. The second reason 
was that in the above stabilized tests , by chance, the CSR values chosen for 
the OC soils were closer to their thresholds than the CSR values chosen for 
the NC soils. 
• The buildup of pore pressure was somewhat difficult to measure even in spec-
imens where failure occurred, and it generally did not show a sudden increase 
before failure. The normalized pore pressure curves slowly increased even 
after a large number of cycles for normally consolidated and overconsolidated 
soils. This behavior is attributed to the high plasticity of the samples; in low 
plasticity soil (e.g., Marine Silt), pore pressure response was slightly higher. 
• The higher the OCR, the higher the stability threshold. The more apparent 
effect of OCR was found in specimens of high plasticity such as Beaufort Sea 
Clay and Shelf Clay. From Table 7.2 through Table 7.6, the following statis-
tical results can be obtained: the increment of CSR caused by OCR for those 
specimens of high plasticity (Shelf Clay and Beaufort Sea Clay) from OCR=1 
to 4 ranged between 173 "" 320%; for low and medium plasticity specimens 
such as Marine Silt, Shelf Silty Clay and Nerlerk Mud, the increment was 
between 100 "" 132%. The expected more evident OCR effect did not oc-
cur in Nerlerk Mud probably due to the fine and medium sand components 
presented in this material. The sand particles reduced the plasticity of the 
Nerlerk Mud and weakened the OCR effect. 
• In normally consolidated specimens , higher stability thresholds were found in 
Marine Silt and Nerlerk Mud. This is attributed to good grading in these 
two soils. In overconsolidated specimens the higher stability thresholds were 
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found in high plasticity clayey soils such as the Beaufort Sea Clay and Shelf 
Clay. This can be attributed to the OCR effect described above. However , the 
stability thresholds appeared to be independent of either individual consolida-
tion pressure or individual preconsolidation pressure. The stability threshold 
values of relatively well graded and medium plasticity Shelf Silty Clay fell 
between the values obtained for the above two soils. 
• The average stability threshold for the clays was approximately 17.0% of a c 
for normally consolidated specimens, 29.5% of a~ for overconsolidated soils of 
OCR=2, and 39.8% of a~ for overconsolidated soils of OCR=4. For the silty 
clay, these values were approximately 14%, 20% and 28%, respectively and for 
the silt , approximately 25%, 41.5% and 58%, respectively. The OCR effect 
is shown in Figure 7 .3. The figure indicates that the effect of an increase in 
OCR appears to be the same for all three types of soil. 
7.1.4 Comparison with Other Results 
A comparison of the stability thresholds for the clays obtained from this group of 
experiments with the results for Grande Baleine clay from Hudson Bay in north-
western Quebec (Lefebvre et al., 1989), indicates that the stability thresholds of the 
different types of the Beaufort Sea clays are lower than those reported by Lefebvre 
et al. (1989) whether the clays are normally consolidated or overconsolidated. The 
reason for this could be that the marine clays tested in this research had higher 
water contents and the slight disturbance in some samples like the Nerlerk Mud due 
to long-distance transport and long duration of storage degraded the clay structure. 
Also, the difference in test results could be due to the shape of the particles and 
mineralogy. 
7.2 Dynamic Young's Modulus 
Clay stiffness during cyclic loading can be expressed using an undrained secant 
modulus , such as dynamic Young's modulus , Ed , and dynamic shear modulus , Gd· 
103 
(a) 1.5 
0 
·z 
1 
"' 0: 
"' C/l v 
... 
.... 
U) 
. ~ 0.5 
v 
>. 
Q 
1~ 
(c) 1.5 
.2 
~ 
0: 
C/l 
C/l 
v 
!;; 
U) 
. ~ 0.5 
v 
>. 
Q 
1~ 
Shelf Silty Clay 
•, OCR=1 
+,0CR=2 
o, 0CR=3 
101 104 
N to Cause 2.5% Strain 
Beaufon Sea Clay 
•, OCR= I 
+,0CR=2 
o, OCR=4 
.... .... o .... 
~------· . 
101 
N to Cause 2.5% Strain 
.!2 ;; 
~ 
::1 
~ 
Vi 
] 
·E 
u 
103 
.!2 
;; 
~ 
::: 
~ 
Vi 
] 
8 
103 
0.5 
0.5 
1~ 
Shelf Clay 
•, OCR=l 
+,0CR=2 
...... __ _ 
~-------· 
N to Cause 2.5% Strain 
Marine Silt 
•, OCR=l 
+,0CR=2 
o, OCR=4 
101 
0 
.... 
102 
N to Cause 2.5% Strain 
Figure 7.3: Effect of Overconsolidation Ratio. 
104 
103 
Figure 7.4: The Definition of Moduli. 
The definition of these two moduli are shown in Figure 7.4 for cyclic triaxial tests. 
The relation between longitudinal strain (or axial strain) and shear strain is 
where 
/d is the dynamic shear strain, 
fd is the dynamic longitudinal strain, and 
v is the Poisson's ratio (for undrained samples, v = 0.5). 
Hence, the dynamic shear modulus can be expressed as 
2(1 + v) 
where 
Td is the dynamic shear stress, and 
cr d is the dynamic deviatoric stress ( Td = ~CT d). 
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7.2.1 Test Results 
Figure 7.5 shows a typical curve of the corresponding cyclic stress - strain relation-
ship obtained from the normally consolidated Shelf Clay. Figure 7.6 - Figure 7.9 
show the dynamic Young's modulus, Ed, vs ta curves for the Beaufort Sea Soils. 
7.2.2 Discussion 
For all soils, the cyclic stress-strain hysteresis loops were normally not closed. This 
indicates that the hysteresis angle (see Figure 7.4) for each loading cycle was not 
constant. This was due to plastic flow in the soil. Therefore, the soil can not be 
described simply as a mass-damping-spring system. It can be concluded that the 
elastic and damping parameters for the system are not constant. The response 
shown in Figure 7.4 corresponds to an ideal visco-elastic soil only. 
In Figure 7.6 - Figure 7.9, it is seen that the dynamic Young's Modulus de-
creased with an increase in axial strain for all types of soil and for all OCR's. The 
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Figure 7.6: Dynamic Young's Modulus vs Axial Strain for Nerlerk Mud. 
effect of overconsolidation ratio was pronounced in all types of soil. Therefore, over-
consolidation ratio must be considered an important factor in the dynamic design 
of offshore structures. In most cases, the magnitude of change in dynamic Young's 
modulus for OC soils decreased with an increase in axial strain faster than for NC 
soils during the range of large strain (see Figures 7.5, 7.6 and 7.7). This indicates 
that large strains in the soil weakened the effect of OCR. 
An interesting observation can be made from these figures. For cohesionless soil 
(Marine Silt), Ed/(jc (or Ed/(j~) vs fa curves are concave downward; for cohesive 
soils (Beaufort Sea Clay and Nerlerk Mud), the curves are concave upward; while 
for silty clay (Shelf Silty Clay), the curves are a combination: OC state is downward 
and NC state is upward. It is known from previous work (Skotheim et al., 1985) 
that Ed/ (jc (or Ed/ (j~) vs fa curves are eventually concave upward as shown in 
Figure 2. 7. Marine Silt did not reach a final concave upwar~ tate_ ...because of higher 
bearing strength as compared to clays and silty clays. Similarly, the phenomenon 
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Figure 7. 7: Dynamic Young's Modulus vs Axial Strain for Marine Silt. 
in Shelf Silty Clay could be interpretered as higher strength in its OC state than 
its NC state. 
It is known that dynamic moduli obtained from cyclic triaxial tests correspond 
to large strains, and those obtained from resonant column tests correspond to small 
strains. If small strain moduli had been obtained in this study, the complete curves 
similar to Figure 2. 7 would have resulted. The expression for these curves is given 
by (see Eq. 2.6): 
1 
------
1 + JJt 
'Yr 
(7.3) 
where 
Gmax is the maximum shear modulus and corresponds to a shear modulus for a 
very low strain range, and 
/r is the reference strain, /r = Tmax!Gmax· 
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Figure 7.8: Dynamic Young's Modulus vs Axial Strain for Shelf Silty Clay. 
Because of the limitation of the experimental setup and the limited number of 
samples, the overall trend of the stress - strain relationship shown in Figure 2. 7 
could not be obtained. 
Figure 7.5 shows that the slope of the stress - strain curve decreases with the 
number of loading cycles, N (one hysteresis loop represents one cycle). This indi-
cates that the dynamic Young's modulus of the soils degraded with the number of 
cycles, N. 
Cyclic modulus degradation can be evaluated by a degradation index, 8, defined 
as the ratio of G in cycle N ( G N) to G in the first cycle ( G1 ). It has been empirically 
found that the effect of degradation in clay accumulates with the increase of cyclic 
straining and 8 decreases monotonically with N, such that 8 versus N for NC and 
OC clays plots as a straight line in a log-log scale. The degradation index 8 can be 
therefore determined as (Vucetic and Dobry, 1988) 
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Figure 7.9: Dynamic Young's Modulus vs Axial Strain for Beaufort Sea Clay. 
(7.4) 
where t is the negative slope of the b vs N line, measuring the rate of change of b. 
It is called the degradation parameter. 
In a strain-controlled test, t can be obtained directly from log (b) vs log ( N) 
curves or from the relationship: 
t= 
logb 
log N" (7.5) 
In a stress-controlled test, the method to obtain t is more complex. Normally, 
the following method is adopted. A family of Gd vs N curves are plotted in a log-log 
scale. The points on different curves where the same shear strain, /d, can be found 
are then joined. Consequently, a family of straight /d contour lines can be obtained. 
The slope of each line is the degradation parameter corresponding to that /d value. 
110 
Since the author did not have enough samples of undisturbed Beaufort Sea soil 
the data obtained from the load-controlled tests were not sufficient to determine a 
reliable modulus degradation index, 8. 
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Chapter 8 
Conclusions 
8.1 Deformation under Long Term Cyclic Load-
. tng 
The results from a long term cyclic loading triaxial test program were compared to 
a variety of rheological models. The experimental results and numerical analysis 
show that close correspondence of strain path and final strain can be achieved 
through the input of proper parameters. This indicates that for one-dimensional 
loading, a theoretical treatment of the mechanical process is feasible. 
On the basis of the analyses of test and theoretical results obtained from this 
portion of the study, the following conclusions can be drawn for deformation char-
acteristics and predictions of seafloor sediment deformation under long term cyclic 
loadings: 
• A number of different rheological soil models were tested, and, after back-
analysis, good agreement was found between theoretical and experimental 
results. 
• Due to these promising results from the theoretical analyses, this one-dimensional 
study should be further developed for use in engineering applications, and 
• Rheological analysis of cyclic loaded soils may supplement other techniques 
as a means of predicting long term deformations under cyclic loading. 
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8.2 Liquefaction Potential and Cyclic Strength 
The following conclusions can be made from the liquefaction and cyclic strength 
experimental program: 
• A general increase of normalized cyclic resistance (i.e., CSR for a given number 
of cycles) with increasing plasticity was observed during testing (i.e. the 
effect of mean particle size). It is known that clay is less susceptible to 
densification by vibration than sands. However, it seems likely that cyclic 
resistance depends on other factors in addition to the plasticity. 
• A heavily overconsolidated clay is in a dilative state. The overconsolidated 
clay would be expected to have relatively high cyclic strength and would there-
fore generate very little positive pore pressure during cyclic loading. When 
clays, which are composed of many aggregates of clay particles and condensed 
salt molecules like marine soils, become overconsolidated, the effective surface 
area for adsorption of pore water is increased. 
• The effect of drainage on cyclic strength (i.e., the increase of liquefaction 
resistance or cyclic strength with the improvement of drainage conditions) 
should be considered in the light of the data presented herein. However, 
determination of the effect of drainage for a particular application would 
have to be studied further on a site-specific basis according to the drainage 
conditions, the thickness of the soil layer, the type of soil and the particular 
engineering requirement for the site. Also, an effective stress approach must 
be taken if partial drainage conditions are to be taken into account. 
8.3 Stability Threshold and Cyclic Modulus 
The following conclusions can be made from the stability threshold and cyclic mod-
ulus experimental program: 
• Axial strain increased slowly at the begining of testing, but increased suddenly 
when the sample approached failure. While the pore water pressure buildup 
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was somewhat difficult to measure even in specimens where failure occurred , 
it generally did not show a sudden increase before failure. 
• The maximum measured strain of the non-stabilized samples at failure in 
overconsolidated soils was less than that of normally consolidated soils. The 
higher the OCR, the higher the stability threshold. An increase with OCR 
appeared to be the same for all types of soil. 
• For normally consolidated specimens, higher stability thresholds were found 
in Marine Silt and in Nerlerk Mud. For overconsolidated specimens, the 
higher stability thresholds were found in high plasticity clayey soils such as the 
Beaufort Sea Clay and Shelf Clay. The stability threshold values of relatively 
well graded and medium plasticity Shelf Silty Clay fell between the values of 
the above two types of soil. 
• The open-ended stress-strain hysteresis loops indicate that the soil can not be 
described simply as a mass-damping-spring system since the elastic parameter 
and damping parameter for the system were not constant. The OCR effect of 
silty and clayey marine soils was pronounced. However, large strains in soil 
weakened the effect. The OC state of a soil had a higher modulus than its 
NC state. 
• In general, the dynamic moduli of the silt and clays degraded with the number 
of cycles. The test results indicate that Marine Silt had a higher modulus than 
Shelf Silty Clay, and Shelf Silty Clay had a higher modulus than Beaufort Sea 
Clay and Nerlerk Mud. In other words, Marine Silt had the highest bearing 
strength among these samples. This is attributed to the relatively low plastic 
index and the rel~tively low water content of Marine Silt. 
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Appendix A 
A.l Derivation of Equations 4.3 and 4.4 
I.e., 
t(t) - a* J(t) 
N 
- ad I)I(t- 2kT)- I(t- 2kT- T)] * J(t) 
k=O 
N-1 
- ad L (J(t- 2kT)- J(t- 2kT- T)] + 
k=O 
ad* [J(t)- J(t- T)I(t- T)] 
for the loading period 
N-1 
t(t) - ad L [J(t- 2kT)- J(t- 2kT- T)] +ad* (J(t- 2NT)] 
k=O 
N-1 
- ad L [J(t- 2kT)- J(t- 2kT- T)] +ad* [J(t)] 
k=O 
for the unloading period 
N-1 
t(t) - ad L [J(t- 2kT) - J(t- 2kT- T)] + 
k=O 
ad* (J(t- 2NT)- J(t- 2NT- T)] 
N-1 
- ad L [J(t- 2kT)- J(t- 2kT- T)] + 
k=O 
(A.l) 
ad* [J(t) - J(t- T)] (A .2) 
where tis the local time coordinate within one cycle, t = t- 2NT, 0 ~ t ~ 2T. 
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A.2 Derivation of Equations 4. 7 and 4.8 
The creep function for the Maxwell Model is given by (Lockett, 1972) 
1 1 
J(t) = (- + -t) * I(t) 
J1 7] 
(A.3) 
By substituting this equation for J(t) in Eqn (A.2), the following can be derived: 
for the loading period 
N-l 1 1 1 1 
t(t) = ad L [(- + -(t- 2kT))- (- + -(t- 2kT- T))] + 
k=O J1 7] J1 7] 
1 1 
ad*[-+-t] 
J1 7] 
N-l T 1 1 
- ad:L-+ad*[-+-t] 
k=O 7] J1 7] 
NT 1 1 
ad-+ ad*[-+ -I] 
7] J1 7] 
1 NT t (-+-+-)ad (A.4) 
J1 7] 7] 
for the unloading period 
- t(t) . -ad(.!_+ ~(t- T)) 
loadtng J1 7] 
1 NT t 1 1 _ 
ad[(-+-+-)-(-+ -(t- T))] 
J1 7] 7] J1 7] 
NT T 
- ad(-+-) 
7] 7] 
(N + 1)T 
ad 
7] 
A.3 Derivation of Equations 4.10 and 4.11 
The creep function of the Kelvin- Voigt Model is (Lockett, 1972) 
(A.5) 
(A.6) 
Substitution of the above in Eqn (A.2) can lead to the deduction of the following: 
for the loading period 
t(t) = N-l 1 1 """ ( (1 -~(t-2kT)) ( 1 -~(t-2kT-T))] ad L..J - - e 17 - - - e 17 + 
k=O J1 J1 
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(A.7) 
for the unloading period 
E(t) = 
(A.8) 
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Appendix B 
B.l Typical Results ofu/ac (or uja~ for OC spec-
imens) vs N and Ea vs N in Chapter 7 
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Figure B.4: Test Results from Overconsolidated Marine Silt (OCR=4). 
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Figure B.5: Test Results from Normally Consolidated Shelf Clay. 
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Figure B.6: Test Results from Overconsolidated Shelf Clay (OCR=2). 
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Figure B.7: Test Results from Slightly Overconsolida.ted Shelf Silty Clay 
(OCR=l.l). 
13-1 
0.022 r----.-----...----.------.------..------, 
0.021 
0.02 .- .J' .. .. _ .··.,, . ..... ·-~--·' - .. . 
0.019 
:"'._ ... ___ ____ ............ :· 
__ ... 'c..··-... .... ~ .. - ~-..... - ..... _.-.· · 
..:•' CSR=0.34 
0.018 
.., 0.017 
c 
-., 0.016 . 
·= c::l ... 
ci5 
~ 
0.015 CSR=0.227 
0.014 
0·013 o:------2:-:oo~---4-:oo-:-----600......_ ____ soo...__ __ I_.ooo ___ __J1200 
Number of Cycles 
0.025 ,-----r------.--------.-------.----.,...-------, 
0.02 
0.015 
_.:· :. _ ....... .. _ .. 
:=··--- ..... _( 
-·- ... --.----
0.01 
0.005 
0 
_ .. ----· 
...... -.. __ 
·-........ --·:..., .... : .. ...-·-·- .. -· ..
......... ·-_._ ....... 
.. --· 
_.-· .. __  ... :~ -- =- _ .. ____ . .-·.-· ... _ 
CSR=0.34 
CSR=0.227 
-o.oo5 o~--~2-:oo-:-----4 ...... 00 ____ 600......._ ___ 8oo...__ __ 1...... ooo ___ __J1200 
Number of Cycles 
Figure B.8: Test Results from Overconsolidated Shelf Silty Clay (OCR=4.4). 
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Figure B.9: Test Results from Normally Consolidated Beaufort Sea Clay. 
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Figure B.lO: Test Results from Overconsolidated Beaufort Sea Clay (OCR=4). 
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